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CHAPTER 1

INTRODUCTION

1.1 BACKGROUND/PROBLEM STATEMENT

An increasing number of bridges are being constructed in urban areas where the bridge
geometry is controlled by space limitations from existing roads, bridges, or other obstacles. When
designing the bridge supports in these congested areas, lateral and vertical space constraints often
dictate the configuration used for the bridge piers and bents. A typical bridge support detail used
by the Texas Department of Transportation (TxDOT) when space is limited is shown in Figure 1.1,

TRUCK WHEEL. LOADS

LONGITUDINAL
Y GIRDER

STEEL CAP GIRDER

T~ REINFOHCED CONCRETE
PIER CAP

A T REINFORCED CONGRETE
PIER COLUMN

Figure 1.1 A Typical TXDOT Bridge Support

In this detail, longitudinal steel girders frame into a steel bent cap which is supported by a
reinforced concrete pier cap. Compressive load is transferred from the steel bent to the pier cap
through bearing plates whose reactions do not lie
within the column as shown in Figure 1.2. Because
the projection of the bearing load does not lie
within the column, the pier cap design must

consider shear. The capacity of the pier cap to

withstand the eccentric compressive loads from the :
PROJECTION

steel bent cap is the focus of this research. OF BEARING
SURFACE :

When examining the compressive load Figure 12 Application of Bridge Loads

carrying capacity of the pier cap, the nature of the to the Pier Cap
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transfer of load from the steel bent cap to the concrete pier cap is critical. The steel bent cap
typically is supported on disc bearings, pot bearings, or bearing plates which are subject to factored
loads on the order of 2,000 kips. All of these supports are relatively small compared to the area
on top of the pier cap, and place highly concentrated compressive loads on the top of the pier cap.
There are two basic problems to solve with respect to these concentrated loads. First, the concrete
under the bearing plate must not crush. Second, the concentrated loads on the pier cap must be
transferred to the column. The design for bearing capacity is clearly outlined in the AASHTO
Bridge Specifications (AASHTO 1992). The design of the pier cap region to allow transfer of load
to the column is much more difficult for the engineer, since it is an atypical section whose design
is not explicitly covered in design codes. With the bearings placed outside of the interior of the
column, the load is slightly eccentric to the column as shown in Figure 1.2. For the piers studied,
the shear span is very small, with a span to depth ratio below 0.1. For reinforced concrete
cantilevers with such small span to depth ratios, loads will

be transferred primarily by the action of a tied arch as LOAD
shown in Figure 1.3 (Salmon 1985). However, existing code ¢

provisions aimed at beams with span to depth ratios less

than one do not consider arching action as a primary load
& prmany TENSION TIE
carrying mechanism. Instead, existing code provisions for
beams with span/depth ratios less than one focus on the
s with span/dep _ COMPRESSION
capacity of concrete in shear. Thus, a design based on ARCH
existing code provisions will be overly conservative because
concrete can carry much less load in shear than in direct  Figure 13 Arch Action When the

S Depth Ratio <1
compression. pan/Dep '

12 OBJECTIVES AND SCOPE

The behavior of the entire connection shown in Figure 1.1 is being studied under a project
for the Texas Department of Transportation (TxDOT). The research considers the distribution of
forces within the bridge system, the behavior of the anchor bolt system, and the behavior of the
concrete pier cap. This report focuses on the behavior and design of the reinforced concrete pier
cap used by TxDOT subject to compressive loads. The objectives of this research are a
determination of the strength and behavior of the reinforced concrete pier cap under compression

loads, and the formulation of design recommendations for the pier cap.
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To assess the capacity of the pier cap to sustain extreme compression loads, six pier caps

at a 30 percent scale were tested in compression as shown in Figure 1.4. Steel reinforcement

designs in the pier cap were altered to examine
extremes in capacity, and to examine the
contributions of different types and quantities of
reinforcing steel to the strength of the pier cap.
Three techniques that could be used to analyze the
pier cap are compared. The two conventional
design solutions that are applicable are a corbel
analysis and deep beam analysis. As an alternative
design method, a strut and tie model will be
presented for comparison. Also, bearing stresses
from testing will be compared with stresses allowed
in the 1992 AASHTO provisions.

The test set-up is summarized in Chapter 2
of this report, which describes sizes of the
specimens, steel reinforcement patterns, and loading
geometry. Results from the test program are

summarized in Chapter 3 and are discussed in

LOAD
_| SPREADER
BEAM
—
™\ TEST
SPECIMEN

Figure 1.4 Test Set-Up for Scale
Specimens

Chapter 4. Also in Chapter 4, pier cap strengths predicted by the different design techniques are

compared, and a design example using the strut and tie method is presented. Full data from the

tests and photos of the failed specimens are presented in the appendices.



CHAPTER 2

RESEARCH PROGRAM

2.1 TYPICAL TxDOT PIER CAP DESIGN

The basic geometry of the pier cap and column studied and terminology used for the detail

is shown in Figure 2.1. To study the behavior and strength of the pier cap, six one-third scale

specimens were built and tested to failure.
With a known pier cap strength from
experimental results, an improved design
guideline to more accurately predict the
strength of the detail can be produced.

The steel reinforcing patterns used
by TxDOT for slightly different pier cap and
column conﬁgﬁrations are very similar, so
the single pier cap geometry shown in Figure
2.2 was chosen as the focus of study. This
configuration has a large extension of the
pier cap beyond the column, with the
centerline of the loading coinciding with the
edge of the column. This layout produces a
load eccentricity, which requires an inclined
load path to transfer load from the pier cap
into the column. The loading geometry
shown represents the maximum eccentricity
currently used by TxDOT for the pier
cap/column configuration studied, so results
can be applied to piers with a smaller load
eccentricity.

The pattern and sizes of reinforcing

PIER CAP LENGTH

F(/M {
N ' -
PIER CAP
THICKNESS
1 PIER
PIER CAP CAP
DEPTH
COLUMN
vV Av )
COLUMN WIDTH COLUMN
THICKNESS

Figure 2.1 Pier Cap Geometry and Terminology

4.0

12'-0"
T80 2%
1—/ T \ \\
LOAD LOAD &0
==
A\I
g-0 3-8

Figure 2.2 Typical Pier Geometry

that are usually used in the typical pier cap and column are shown in Figure 2.3. The top layer of
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Figure 2.3 Typical Pier Steel Reinforcing Pattern
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the pier cap is very heavily reinforced with a combination of #11 straight bars and a #11 continuous
loop (bar T) to resist high tensile loads. Bar T is made continuous by a full penetration butt weld
that is located in the middle of the pier cap. The pier cap has both horizontal (bars B) and vertical
stirrups (bars S) evenly distributed over the depth and length of the pier cap, respectively. The
horizontal stirrups (bars B) have semi-circular ends to provide confinement all the way around the

end of the pier.
22 DESCRIPTION OF TEST SPECIMENS

22.1 Dimensions and Rebar Sizes for the Scale Specimens

The geometry of the detail shown in Figure 2.2 was used as the reference for creation of
test specimens. Since the estimated loads needed to fail a full size specimen exceeded the capacity
of testing machines available in the laboratory, model specimens were constructed at a 30% scale.
The thickness and depth of the pier cap, the column thickness, and base plate size for the test
specimens were obtained by direct proportioning from the standard detail presented in section 2.1.
The width of the column was set at 36 inches

(which also sets the length of the pier cap) 50-1/2"
7-1/4" 3g" 7-1/4"

for convenience in application of the load. v
The final pier size used for all the scale 1 4_1,2.-1;/’

) ] o [ BASE PLATES
specimens is shown in Figure 2.4. Note that - 8-3/4" x 8-3/4"
the test specimens have a column width LOAD LOAD 14-1/2"
equal to the pier cap width. This larger - |—‘L—\ V'_L‘l ==
column size will slightly increase the strength 14-1/2"
of the specimens by providing a greater area 29" )
over which to transfer load from the pier cap 141720
to the column. » >

36"

Rebar sizes for the scale specimens

were obtained by choosing the size rebar Figure 2.4 Geometry of the Scale Test Specimens
with an area closest to 30% of the full size

of the rebar. Table 2.1 shows the sizes of the rebar used in the standard scale specimens, and the

actual scale (based on area) of the rebar used. The hooped stirrups in the column (bars Z) are not

at an appropriate scale because a minimum number of rebar sizes was desired. This discrepancy



Table 2.1 Rebar Sizes for Full Size and Standard Scale Piers (see Figure 2.3 for bar layout)

7

Bar Full Size Scale Size Actual Scale
A #11 A,=1.56 in® #6 A,=0.44 in? 282 %

B #6 A,=044 in® #3 A,=0.11in® 250 %

S #5 A,=031in? #3 A,=011in? 354 %

T #11 A,=1.56 in® #6 A,=0.44 in* 282 %
U #6 A,=0.44 in® #3 A,=0.11in* 25.0 %

v #11 A,=1.56 in® #6 A,=0.44 in® 282 %

Z #4 A,=020 in® #3 A,=0.11in’ 550 %

in scale was accepted since the column stirrups will have a negligible effect on the strength of the

pier cap.

222 Tested Reinforcing Patterns

Six specimens were cast, all using the exterior dimensions shown in Figure 2.4. The layout

of steel reinforcing for each specimen is detailed below.

SPECIMEN A2

-all rebar sizes in this specimen were scaled directly from the standard detail, using
the rebar sizes listed in Table 2.1.

-this specimen is referred to as the standard scale specimen.

-the steel detail used for this specimen is shown in Figure 2.5.

-bars U have inadvertently been misplaced in this specimen, as they were placed
outside of bars B as shown in Figure 2.6.

SPECIMEN Al

-this specimen is identical to specimen A2, except that there are five sets of evenly
spaced stirrups in the column portion.

-again, bars U were inadvertently misplaced as shown in Figure 2.6.

SPECIMEN B

-the curved loop (bar T) in the top layer of the pier cap was replaced by 2 straight

bars, also #6 bars, as shown in Figure 2.7.
-all other reinforcing follows the standard scale specimen.
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Figure 2.5 Steel Reinforcing Detail for the Standard Scale Specimen (Pier A2)



bar T bar T
= ] —
( 1
barsU — bars U —p]
|
| = = S
bars B bars S bars B bars §
IMPROPER PLACEMENT OF CORRECT LOCATION OF
BARS U BARS U

Figure 2.6 Improper Placement of Bars U in Specimens Al and A2

bars A
i \ bars S
7 j

1
bars U replacement for bars T

Figure 2.7 Top Layer Pier Cap Reinforcing in Specimen B

SPECIMEN C

-all steel in the top layer of the pier cap was decreased from #6 to #3 bars (bars
A and T are now #3 bars).

-since bar T was changed to a #3 bar, it was made continuous by a lap weld, as
opposed to the butt weld used for the standard scale specimen. The
length of the weld was sized to develop the full capacity of the bar, and
is shown in Figure 2.8.

Figure 2.8 Lap Weld of Bar T
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SPECIMEN D

-all steel in the top layer was decreased in size from #6 to #3 bars (bars A and
bars T), and bar T was lap welded as for specimen C.

-bars U were omitted.

-three sets of the pier cap horizontal stirrups (bars B) were omitted.

-this detail is shown in Figure 2.9.

bars A
( v \1 bars S
TOP REINFORCING 27
IN PIER CAP

bars S
— bars T

2
e T
B bars B
H= bars V extend
| 11l 11-3/4" into cap
bars Z1
PIER ELEVATION

Figure 2.9 Specimen D Reinforcing

SPECIMEN E

-bars A in the top layer of the pier cap were reduced to #3 bars.
-bar T was replaced by a pair of overlapping bars B, which were #3 bars.

The different specimens were designed to determine the strength and behavior of the
standard detail, and the contribution of different types of reinforcing to the overall strength of the
pier. The A specimens were made to provide a direct test of the standard detail, and to compare
the variability between specimens. Specimen B examines the ability of the looped bar to provide
confinement for the end of the pier. Specimen C examines the effect of less top layer reinforcing

on the behavior and strength of the specimen. Specimen D is used to set a minimum bound for
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the strength of the pier cap. Finally, specimen E considers the necessity of a welded bar in the top

layer of the pier cap.

23 DIFFERENCES BETWEEN THE TEST SPECIMENS AND FULL SIZE PIERS

There were some differences between the construction of the scale specimens and actual
piers. For the test specimens, cover was only 3/4" for the pier cap, as opposed to 2 1/4" for the full
size pier cap, a 33% scale. A smaller cover was used for the test specimens to maintain a constant
proportion of concrete subject to spalling. For the column section, cover was 1 3/4" for the test
specimens. This larger cover was a result of the formwork used for the scale specimens. The
column steel must be inset relative to the sides of the pier cap to avoid intersecting the reinforcing
in the pier cap. Since the column for the scale specimens was the same thickness as the pier cap,
extra cover in the column region was produced.

In the scale specimens, the amount of column steel in the rectangular portion of the column
was reduced to relieve congestion of the reinforcing. The number of column bars (bars V) in the
center portion of the column was decreased from nine on a side in the actual piers to eight on a
side in the scale specimens. Thus, there were 28 total bars V in the test specimens as opposed to

30 total for the full scale piers. Such a change should have no noticeable effect on the specimens

performance.
Additionally, location of reinforcement in the scale bar 1

specimens was slightly modified from that of the field

placement. For the scale specimens, bars Z2 were omitted to <,

ease fabrication. -As shown in Figure 2.10, bars Z2 had been

anchored at bar 1 near the column edge. To maintain the same bar Z2 bar Z1

confining effect at the end of the column for the test specimens, COLUMN SECTION
-FULL SIZE PIER-

bars Z1 were made longer and anchored at bar 1. Finally, bars

bar 1

B in the test specimens were anchored farther in the scale

specimens than in full size piers by placing them around column

bar 1 as shown in Figure 2.11. Previously, bars B had been

anchored around bar 2 of Figure 2.11. The change was made

to facilitate test specimen fabrication. Thus, bars B and Z1 in COLUMN SECTION

] ) -TEST SPECIMENS-
the scale specimen are physically anchored around the same
column bar. Figure 2.10 Relocation of Bars

Z1 in the Test Specimens



PIER CAP SECTION
-FULL SIZE PIER-

PIER CAP SECTION
-TEST SPECIMENS-

Figure 2.11 Relocation of Bars B in the Test Specimens

2.4 MATERIALS

12

All bars in the test specimens were either #3 or #6 in size. Specimens were constructed

in two sets, so steel for each set of specimens was ordered from the same lot. Static yield strengths

obtained from tensile tests on the bars are
listed in Table 2.2. For specimens B through
E, the #3 bars had a low yield strength of
47.4 ksi. Inspection of stamps on these bars
showed that the bars were not grade 60, but
a lower grade of steel. Testing of the rebar
is described in Appendix A.

Table 22 Static Yield Strengths of Rebar

Specimens | f, for #3 bars | £, for #6 bars "
Al and A2 60.8 600 |
B through E 474 600 |

The concrete design strength for the TxDOT pier caps is 3,600 psi at 28 days, so a 4,000

psi mix was ordered from a local concrete supplier. The concrete had a maximum aggregate size

of 3/4" to allow placement in the congested rebar cage, and to fit within the 3/4" cover. Two

different pours were made, with the first pour for specimens Al and A2, and the second for

specimens B through E. The cylinder compressive strengths are shown in Table 2.3. The cylinders

Table 23 Concrete Cylinder Compressive Strengths

Specimens 7 day strength 28 day strength long term strength
Al and A2 2939 psi 3905 psi 4050 psi
B through E 2820 psi 3554 psi 4016 psi

tested were 6 inches by 12 inches, and were loaded using neoprene pads. The long term strength
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is taken as the average of all cylinders tested after 35 days, and represents 7 cylinders for specimens
A and 18 cylinders for specimens C-E. Cylinders were stored with the specimens.

2.5 FABRICATION OF SPECIMENS
All specimens were constructed at the Ferguson Lab. The reinforcing cage for specimen

A2 is shown in Figure 2.12. All of the bent bars were ordered from a local fabricator, and met a

ik B NG 2L

Figure 2.12 Steel Reinforcing Cage for Specimen A2
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reasonable tolerance - ~3/8" - for the out to out dimensions. Spacers were placed on rebar parallel
to the straight edges of the specimen to ensure equal cover on opposite sides of the specimen.
Forms were made right side up, so the effect of bleeding and segregation would be the same as for
actual piers. The circular end of the column was formed using sheet metal placed within a wood
frame. The placement of the
reinforcing in the forms is shown in
Figure 2.13.

The specimens were poured
monolithically, with no construction
joint as used in the field. Concrete
was placed using an overhead crane
and bucket, and thoroughly
consolidated using internal
vibration.  After pouring, the
exposed concrete on the top of the
forms was covered with plastic.
After one week, the forms and

cylinders were stripped and left to

cure in air. Removal of the forms
showed that there were no defects
such as honeycombing in the Figure 2.13 Placement of Reinforcing Cages in Forms

concrete.

2.6 INSTRUMENTATION

Strain gages were placed on reinforcing in the top layer of the pier cap of specimens C and
D. The gage locations are shown in Figure 2.14. The strain gages were not located under the
bearing plates, so strain gage readings represent a basically uniaxial state of stress. The strain gages
had a 6 mm gage length, with a 12 mm by 4 mm backing. The size of the gage backing mandated
significant grinding of the #3 bars to produce a flat surface for the strain gages. Since the gages
were placed on the top and bottom of a bar, the area of the bar at the gage location was reduced

as shown in Figure 2.15. To protect the gages from moisture and the casting process, the gages
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were covered by a water-proofing sealer and mastic. All gages were still active after concrete was

placed. The initial strain gage accuracy was approximately £ 10 microstrains.

2-7/8" 8-3/4" 3-7/8" 2" 7-3/4"

[ 1
9. 1 X

G of specimen 5 107 2

"6 8
1_3

2 4
| B PN
= 7_1I4f‘ 18' 15‘1/2“ 2"

even # gages - on bottom of rebar
odd # gages - on top of rebar

Figure 2.14 Strain Gage Locations in Specimens C and D

Figure 2.15 Reduction in Rebar Cross Section Due to Strain Gage Placement

Six linear potentiometers (pots) were placed on the specimen to measure deflections as
shown in Figure 2.16. The accuracy of the linear pots is * 0.001 inches. The identification of the
potentiometers was kept constant with respect to the point of load application, so pots 1 and 2
always refer to the pots at the tip of the tested end of the specimen. Thus, pots 3 and 4 are always
at the center of the base plate, and pots 5 and 6 are always at the far end of the specimen. For the

first test on a specimen, pots 1 and 2 were at the south side of the pier, while pots 5 and 6 were at



the north end of the pier. For the
second test on a specimen, pots 1 and 2
were at the north end of the specimen,
and pots 5 and 6 were at the south end

of the specimen.

2.7 TEST SET-UP

The test set-up was designed to
allow two tests on each specimen. The
configuration for applying load to the
specimen is shown in Figure 2.17. The
specimen and spreader beam were placed
inside the frame of a 600 kip load
machine as shown in Figure 2.18. The
test machine was fitted with a swivel
head so rotation of the girder would not
be restrained. A spreader beam was
used to place load from the test machine
on each end of the pier cap to prevent
overturning of the specimen.

The loading head of the 600 kip
machine was offset from the centerline of
the spreader beam to place most of the
load at one end of the pier. The end of
the pier cap with the smaller portion of
load did not sustain any damage while
the opposite end was tested, so test
results for the two ends of the specimens

are directly comparable. Once one end

1 and 2-

16

o/enter of load head

/

5and6

line of action

1? 11 lof load

\Sand4

N O~

Figure 2.16 Location of Linear Pots

10" diam. spherical

load head
F———1<-10-1/2" wide

- SPREADER
BEAM

|- 3-5/8" diam. roller

8-3/4" x 8-3/4"x 2"
r—Q—l ,—QI—(‘/ base plates
\ N
N
" hydrostone
0.83P 30
™ TEST
SPECIMEN
|
%I

Figure 2.17 Test Set-Up Geometry

of the pier was tested, the specimen was repositioned on the floor of the test machine and the other

end of the specimen was tested.
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Figure 2.18 Placement of Test Specimens in the Test Machine

The 3 5/8 inch diameter rollers under the spreader beam place two distinct line loads on
the base plates. By idealizing load from the test machine as a line load on the spreader beam, the
test set-up is statically determinant. Therefore, the net load on each end of the pier cap can be
found as a proportion of the total load measured by the test machine.

To level the spreader beam and provide full contact between the top of the pier cap and
the base plates, a 5/16 inch layer of hydrostone was poured under the base plates. Also, for some
of the piers a thin film of hydrostone was poured under the semi-circular end of the column, at the
end of the specimen being tested. This layer of hydrostone produced full contact between the floor
and specimen, preventing any rigid body rotations of the specimen due to a non planar surface on

the bottom of the specimen.

2.8 LOADING PROCEDURE
Loading was applied in discrete increments, typically 20 to 30 kips on the linear portion of

the load-deflection curve. After an increment in load was applied, about five minutes passed while
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cracks were marked and inspected. At the end of this delay, load and deflection readings were
taken electronically, giving the static capacity. The next load step was then applied.

Loading was controlled while examining a plot of the total load versus deflection at linear
pot #1. For the linear portion of the load-deflection plot, load control was used to determine the
size of load increments before changing to deflection control near the peak capacity. The first test
on a specimen was stopped shortly after the peak load had been reached to avoid excessive damage
to the specimen which could affect the second test. For specimens B through E, the second test

on the specimen was run to large deflections to examine the specimen ductility.



CHAPTER 3
TEST RESULTS

3.1 NOMENCLATURE FOR SPECIMEN TESTS

Eleven tests were conducted to failure on the six specimens, with the most significant
results presented in this chapter and detailed results for each test in Appendices B, C, and D. As
discussed in Chapter 2, each end of a specimen was tested separately, allowing two possible tests
to failure on each pier. Specimens were named with a letter as presented in Chapter 2. A specific
test on a specimen is denoted by placing a number after the name of the specimen, with the number
indicating the time of that test. For instance, Pier B-1 refers to the first test on specimen B, while
Pier B-2 refers to the second test on specimen B, at the opposite end of the specimen.

The only specimen tested three times was specimen A2. This pier was first tested with the
load head centered on the spreader beam, placing nearly equal loads on each end of the pier (test
Pier A2-1). This first loading was large enough to originate cracking, but did not cause failure.
Thus, Pier A2-2 was the first loading to failure on specimen A2, and Pier A2-3 was the second
loading to failure on specimen A2.

32 TERMINOLOGY FOR DISCUSSING TEST RESULTS

Load Paths. The load applied at the bearing plates was directly transmitted to the column
by a compression strut in the pier cap. To maintain equilibrium at the base plate, a tension tie
must form at the top of the pier cap as shown in Figure 3.1.

. Cracking Patterns. During testing of the specimens, four distinct types of concrete distress

were observed. Their location and shape are defined
below for clarity in examining test results. LOAD

Flexural Cracks. Flexural cracks were seen = —

extending across the top of the pier, and TENSION TIE 7

sometimes extended down the face of the pier

‘ . A e {COMPRESSION
as shown as failure "A" in Figure 3.2. These STRUT
cracks are what one would observe on the
tension side of a reinforced concrete beam
tested in bending. Figure 3.1 Load Paths for the Pier Cap

19
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Figure 32 Patterns of Concrete Distress

Flexure /Shear Cracks. These cracks were observed on the top and faces of the pier cap,

shown as failure "B" in Figure 3.2. The flexural component typically originated between the
edges of a base plate, and the component on the top of the pier cap only extended from
the base plate to the edge of the pier. The cracks formed a small flexural component on
the face of the pier (up to about 3 inches long) before the crack sloped in towards the
center of the pier. These cracks typically grew to extend across the depth of the pier cap.
Shear Cracks. These inclined cracks formed on the faces of the pier cap as shown as
failure "C" in Figure 3.2. The shear cracks were distinguished from flexure/shear cracks
as they had no flexural component when they initially formed. A crack that began as a
pure shear crack would often extend across the depth of the pier cap so that it eventually
resembled a flexure/shear crack.

Crushing. Crushing of concrete was located at the interface between the pier cap and
column, and is shown as failure "D" in Figure 3.2. The crushing was easily observed, with
flaking of the concrete the first indication of failure followed by further spalling of the

concrete with additional loading.

33 SPECIMEN CAPACITY
A summary of steel reinforcing patterns used in the specimens is given in Table 3.1. The
specimens static ultimate strengths and concrete cylinder strengths on the day of testing are listed

in Table 3.2. The specimen strength refers to the resultant load on the end of the pier being tested,



Table 3.1 Summary of Specimen Reinforcement Patterns

Specimen | Description

Al directly scaled from the standard detail

A2 directly scaled from the standard detail

B straight #6 bars in the top layer of the pier
cap

C all #3 bars in the top layer of the pier cap,
continuous loop provides confinement

D minimal reinforcing, horizontal stirrups
omitted

E all #3 bars in the top layer of the pier cap,
lapped hoops provide confinement

Table 3.2 Specimen Capacities and Concrete Strengths

* - only two cylinders tested

21

Test Static Cylinder Average Effective Age of
Capacity Strength Capacity f) Concrete
(kips) (psi) (kips) (psi) (days)
Al-1l 387 3961* 395 4050 83
A2-2 368 3916 395 4050 51
A2-3 430 4211* 395 4050 69
B-1 304 3930 323 4016 39
B-2 341 3869 323 4016 45
C-1 299 4141 299 4016 85
C-2 298 4100 299 4016 87
D-1 203 4032 209 4016 53
D-2 214 4021 209 4016 74
E-1 258 3554 269 3651 23
E-2 279 3747 269 3651 30

not the total load applied to the spreader beam. Cylinder compressive strengths are the average

of three cylinders unless noted. Also shown in Table 3.2 are the average capacities for the
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specimens, and the "effective concrete strength" for the specimens (effective f). To calculate an
average strength for the A series specimens, test results for specimens Al and A2 are combined
since pier cap reinforcing was identical for the two specimens. The effective concrete strength
presented in Table 3.2 represents an average strength for a concrete pour, and is presented to
remove the small variability in concrete strength after prolonged curing, For tests run on specimens
more than 35 days old, the effective £ is the average compressive strength of all cylinders tested
after 35 days (the long term average strength from Chapter 2). Only specimen E was tested at less
than 35 days, so the effective f for specimen E was taken as the average of Pier E-1 and Pier E-2
cylinders. All specimens except for specimen E had essentially the same concrete strength, so only
results for specimen E need to be normalized.

This smaller concrete strength at the time of testing specimen E was reflected in the
capacities for both tests on specimen E. It was expected that Specimen E would have a strength
very similar to Specimen C since the two piers are almost identical. Reinforcement patterns for the
two piers differ only in that specimen C has a continuous loop in the top layer of the pier cap, while
specimen E uses lapped hoops in the top layer as presented in Chapter 2. If the strength of
specimen E is normalized to the effective concrete strength of specimen C by direct proportioning,
its strength is 296 kips (multiply 269 kips by 4016 psi/3651 psi). The normalized strength for
specimen E matches very well with the tested strength for specimens C, 299 kips.

3.4 LOAD-DEFLECTION BEHAVIOR

The load-deflection performance for all the specimens was very similar, so behavior of a
typical specimen is first described. The static loading curve for Pier Al-1 is shown in Figure 3.3.
The load is the resultant load on the tested end of the pier, and deflection is taken at linear pot #1,
the "tip" deflection, whose location was presented in Chapter 2. The loading curve has been shifted
so load is non-zero when deflection is zero. Under small net loads of only 25 to 50 kips, there was
a large variability in tip deflections for the different tests. These deflections did not represent
movement of the end of the pier cap with respect to the column, but were caused by seating of the
specimens on the test floor. To remove this scatter and allow a better comparison of test results
the loading curves were shifted so the first data point began at around 25 to 50 kips. The shift was
made by subtracting the original deflection at the first data point on the new curve from all
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deflection readings.

The loading curve in Figure 3.3 was initially linear until cracking occurred, then gradual
nonlinear behavior began with plastic behavior seen near the peak load. Cracking loads are shown
on the graph, as well as sketches of cracking patterns on the east side of the pier with increasing
loads. At point "B", cracking had just begun and consisted of small flexural, flexure/shear, and
shear cracks. With cracking initiated, existing cracks continued to widen and lengthen, additional
cracks formed, and crushing began as shown at point "C". At point "C", the compression strut was
defined by the two inclined cracks, but crack widths were still less than 1/32 inch. Additional loads
mainly opened the inclined cracks defining the compression strut further, and caused additional
crushing at the pier cap/column interface. The failed specimen is shown in Figures 3.4 and 3.5

Figure 3.4 Crack Distribution on the Face of Pier A1-1 After Failure

which show a well defined compression strut and evenly distributed flexural cracking on the top of
the pier, respectively. At the peak load, the largest inclined crack was 3/16 inches wide, while
flexural cracks between the two base plates remained minute. There was also extensive crushing at
the cap/column interface as shown in Figure 3.6. Loads marked on the specimen are the total load

on the specimen, not the resultant load on the tested end of the pier.



Figure 3.5 Crack Distribution at the Top of Pier Al-1 After Failure

Figure 3.6 Crushing of Pier Al-1 After Failure

Plots of resultant load against the deflection at linear pot #1 for all specimens are shown
in Figure 3.7. To reduce clutter, deflections for Pier A2-2 and A2-3 were omitted. Tip deflections
in the elastic region were very similar, showing minimal effect from the different reinforcing

patterns used in the pier cap. This similarity was expected, as the initial stiffness of the overhang
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largely is produced by the small span to depth ratio. Somewhat less stiff than the other piers were
specimens D and E. Since specimen E had a smaller effective concrete strength, this reduced
stiffness was expected. Specimen D was the least stiff, reflecting the specimens minimal
reinforcement, and the different behavior of Specimen D. Specimen D showed more of a flexural
failure, with the bending action allowing more deformation than the compression struts formed in
the other specimens. The deflections at linear pot #2 on the underside of the overhang were

essentially the same as linear pot #1 as shown in Figure 3.8.
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Figure 3.8 Comparison of Resultant Load vs. Deflection at Linear Pot #2

Plots of resultant load against the deflection at linear pot #3, the "column line" deflection,
are shown in Figure 39. Again, elastic behavior for the specimens was very similar because
deflection depends on shearing of the end of the cap relative to the pier, or compression of the
entire specimen. Deflections at linear pot #4 were consistent with those at lincar pot #3, and are
left in the appendix.

For all specimens, plots of resultant load against deflection for linear pots 1 through 4 are

shown in appendix B. Deflections at the far tip of the pier were negligible, and are not presented.



RESULTANT LOAD (KIPS)

RESULTANT LOAD (KIPS)

450
PIER A1-1
400 +
[“\\‘\‘
350
PIER B PIER G
300 ——* £
Id
250 T |~ =~| PIERE1
200 1 ——=
e o
150 : =
PIER D1 L J
100 1
50
g+
0 0.05 0.1 0.15 0.2 0.25 0.3 0.35 0.4
DEFLECTION AT LINEAR POT #3 (INCHES)
450
400 PIER AT{i
PERB2 | X |
350 N .:/r
300 "i}%r—\r"“‘~
250 S ik JPIER E2
G| -
200 St
ol gl || T hd S N
‘piER D] it
100 1 [
50
0!
0 005 01 015 02 025 03 035 04

DEFLECTION AT LINEAR POT #3 (INCHES)

Figure 3.9 Comparison of Resultant Load vs. Deflection at Linear Pot #3



29

3.5 CRACKING LOADS

In general, cracking loads are subjective due to the variability in concrete tensile strength,
and because cracks may not immediately be seen when they originate due to their minute size.
Also, the load listed as the cracking load represents the range of load covered in the previous load
step - 20 to 30 kips. Since load steps were not uniform for all specimens, there is additional
variability.

The loads at which different crack types were first observed are listed in Table 3.3. The

Table 33 Specimen Cracking Loads

Cracking Loads (kips) "
Test Capacity Flexure Flexure Shear Crushing
Shear
Al-1 387 186 154 154 269
A2-2 368 167 145 205 297
A2-3 430 174 150 112 205
B-1 304 166 166 276 201
C1 299 99 153 168 257
D-1 203 67 none 152 203
E-1 258 118 152 224 258
B-2 341 127 166 147 341
C2 298 124 124 105 283
D-2 214 87 212 214 214
E-2 279 159 140 125 261

table has been split into two groups to reflect the loading process. The first group in the table lists
cracking loads from the virgin test on the pier, while the second group gives cracking loads for the
second tests on specimens. For the virgin test on the pier, the true cracking loads are obtained.
For the second test on the opposite end of the specimen, the flexural cracking loads could have
been affected by previously formed cracks. During the first test on a specimen, flexural cracks
sometimes propagated to the opposite end of the pier. Thus, for the second test of the specimen,
the existing flexural cracks could absorb deformations, delaying the onset of additional flexural

cracking. Although the rate of formation of flexural cracks may have been effected, specimen
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failure modes were not altered. Cracking loads for Pier A2-2 and Pier A2-3 are grouped with the
virgin test results since their cracking loads were obtained by examining results from Pier A2-1,
which equally loaded the two ends of the pier cap.

Typically, flexural and flexure/shear cracks formed at about the same time, followed by the
formation of shear cracks before crushing began. Specimens Al and A2 with #6 bars in the top
layer had the highest flexural cracking loads, indicating the larger bars could absorb tensile force
with less strain than the #3 bars, reducing strain in the concrete. Specimen D allowed the earliest
formation of flexural cracks, and also had the smallest stiffness as shown by the loading curves.
Specimens C and D were identical except that Specimen D had no intermediate layers of horizontal
stirrups. Thus, the layers of horizontal stirrups (bars B) in Specimen C help to reduce deflections,
limiting the formation of flexural cracks. For specimens other than specimen D, flexure shear
cracks formed at almost the same load, about 150 kips. This was expected, as all these specimens
had the same distribution of horizontal stirrups (bars B). Crushing loads for specimens other than
specimen D were reasonably close, indicating that the distribution of forces within the specimens
was similar up until that point. After crushing began, specimens that could redistribute internal
forces and put more tension in the top layer of steel could add load, while those that could not
redistribute loads failed with the onset of crushing.

There was considerable variability in cracking loads for a given specimen, but the largest
variability came in the comparison of shear cracking loads for a given specimen. For specimen B-1,
the first shear crack was seen at 276 kips, while for specimen B-2 the first shear crack was seen at
147 kips, a difference of 129 kips. This scatter in shear cracking loads is related to the definitions
used for classifying cracks. Since flexure/shear cracks often developed first and then added shear

components, it sometimes took much more load to develop an independent shear crack.

3.6 FAILURE MODES

The test specimens showed three basic failure modes. The most common failure, seen in
specimens A, C, and E, was caused by crushing of concrete in the compression strut and at the
cap/column interface. Photos of Piers A1-1 and C-1 after failure are shown in Figure 3.10. Photos
of all the failed specimens are shown in Appendix C. For specimens A, C, and E, flexure/shear
and shear cracks propagated across the depth of the pier cap and began to open with increasing
load, limiting the size of the compression strut. Eventually, the force in the strut caused crushing
at the interface. With additional load, inclined cracks opened further and there was additional
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Figure 3.10 Specimens Al-1 and C-1 at Failure

crushing at the interface and in the strut. Eventually, crushing in the strut and at the cap/column
interface resulted in failure. For specimens Al and A2, there was considerable strength gain
between the onset of crushing at the interface and the ultimate load. This indicates that the strut
rotated in towards the pier cap once crushing began. This new geometry requires a larger force in
the tension steel in the top layer of the pier to maintain equilibrium as shown in Figure 3.11. For

specimens C and E, formation of cracks was very similar to the A specimens. However, there was
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Figure 3.11 Redistribution of Internal Forces in the Pier Cap

a much smaller lag between first crushing at the interface and the ultimate load. Since specimens
C and E had much less reinforcing in the top layer than specimens A, redistribution of the strut
after crushing began was limited.

Specimen B showed a second failure mode. Specimen B initially performed like specimens
Al and A2, developing inclined cracks on the face of the pier cap. These cracks continued to grow
across the depth of the pier and widen as for the A series specimens. However, soon after the
onset of crushing the failure load was reached, indicating as for specimens C and E that additional
tensile force in the top layer of the pier cap could not be developed. The inability to develop
additional tension in the top layer of reinforcing was the root cause of the failure. Without the
continuous loop (bar T) around the end of the pier, the specimen had to develop tension solely
through the straight bars which had very small development lengths as shown in Figure 3.12. The

lack of development length became evident

during testing, with bond distress in the top G of roller

layer shown by the formation of splitting 2-1/2

cracks on the top of the pier as shown in N
Figure 3.13. Aside from reducing the ability sttr)irgsht

to develop tension in the top layer, removal of < 14-1/2*
the continuous loop around the top layer

caused two major problems.  First, a _)j( >
flexure /shear crack opened very wide at the \3/ 4

face of the pier without any reinforcement to 4-3/8" 4-3/4

limit its growth as shown in Figure 3.14. Figure 3.12 Development Lengths for Top
Layer Reinforcing in Specimen B
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Figure 3.13 Splitting Cracks Due to Bond Distress in Specimen B

Figure 3.14 Opening of Flexure/Shear for Pier B-2 - Spalled Cover Removed

Second, when large deflections of the pier cap were forced on test B-2, the base plate began to
punch into the cap, pushing out the unconfined concrete around the circumference of the cap as

shown in Figure 3.15.



Figure 3.15 Punching of the Base Plate into Pier B2-2

Specimen D, with its minimal reinforcing behaved quite differently than the other
specimens with a cracking pattern shown in Figure 3.16. Flexural cracks formed initially, with long

Figure 3.16 Crack Distribution on the Face of Pier D-1 After Failure

components on the faces of the pier. In particular, a flexural crack formed at the interior edge of
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the base plate. For other specimens, inclined cracks formed near the point of load application,
forming a defined compression strut. For specimen D, however, the cracks in this region were
almost vertical indicating minimal compression strut formation. With increasing loads, the flexural
crack at the interior edge of the base plate grew across the depth of the pier. This eliminated the
area available for direct transfer of shear, but left a bearing surface at the top of the column to
handle strut forces as shown in Figure 3.17. Therefore, in both tests on specimen D failure
corresponded to the beginning of

crushing at the cap/column interface

FLEXURAL

P
CRACK
redistribution of loads. Essentially, \ r—L _ COMPRESSION
the specimen failed because flexural N / STRUT

cracks opened so much that shear

since there was mo possible

could not be directly transferred to <
the interior of the pier.
Inspection of specimens after SECTION A-A

testing showed two  significant
behavior patterns of concrete directly Figure 3.17 Force Distribution in Specimen D After
under the base plates. First, there Opening of the Flexural Crack

was only extremely minor cracking

under the base plates due to the confinement provided by the base plate. Flexural cracks that
formed on the edge of the pier did not continue under the base plate, but stopped at the edge of
the base plate as shown in Figure 3.18. Second, punching of the base plates into the top of the pier
cap was seen to some extent for all specimens, with punching on Pier C-2 shown in Figure 3.18.
The punching was magnified on the second tests on specimens, which were run to large
deformations. Punching was greatest for specimen B, followed by specimens E, C, A, and D.
While specimens Al and A2 reached much greater loads than specimens B, E, and C, excellent
confinement in the top layer for A series specimens was provided by the #6 continuous loop (bar
T) which minimized punching. The punching seen in specimens B, E, and C was certainly enlarged
due to the presence of a large flexural crack at the interior edge of the base plate. Formation of
this crack eliminated the confinement available from the underlying concrete along this edge. While
the beginning of punching was seen, punching did not contribute to the failure of specimens and

became most notable only when damage to the specimens was forced.



Figure 3.18 Cracking and Punching Under the Base Plate for Pier C-2

3.7 STRAIN GAGES
Strain gages were placed on the top layer reinforcing steel of specimens C and D as
presented in Chapter 2 and shown in Figure 3.19. Since gages were not under the base plates, the

strain readings describe a state of pure tension on the top of the pier cap. Because gages were

2-7/8" 8-3/4" 3-7/8" 2" 7-3/4"

’
G of specimen — 9%‘%‘2—?
5

___.l 132_954
7_1 /4n >=< 1 8" > 1 5'1/ y 2“
even # gages - on bottom of rebar

odd # gages - on top of rebar
Figure 3.19 Strain Gage Locations in Specimens C and D
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placed at only one end of the pier cap, the end of the pier with the strain gages was loaded first.
For the second test on the specimen, the strain gages were at the far end of the pier which saw
minimal load. All strain gages were operable at the beginning of testing and up to the yield strain
of the rebar. After yielding, some of the gages failed so readings for the failed gages are omitted.
For the second test on a specimen, the accuracy of strain gage readings may have been reduced
since gages had undergone very large strains in the first test of the pier.

Pier C-1 Strains. A plot of the resultant load (the load at the tested end of the cap)
against the strain on gages 1 through 4 for Pier C-1is shown in Figure 3.20. The yield strain, 1,630
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Figure 320 Resultant Load vs. Strain on Gages 1 - 4 for Pier C-1

microstrains, was obtained by dividing the experimentally obtained yield stress of 47.4 ksi by the
modulus of elasticity, 29,000 ksi. The load-strain curve was linear up to the yield point, after which
point a plateau was essentially reached. Analysis of data showed that bars 2 and 3 began yielding
at a resultant load of 186 kips and that all bars had completely yielded by a resultant load of 234
kips, much less than the specimen capacity of 299 kips. During yielding of the bars, there was no
change in specimen load-deflection behavior and no significant change in crack formation. Crack
formation during yielding of the bars consisted of:

1 A 13 inch long shear crack on the east face of the cap.
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2. Shear cracks with a combined length of 7 inches on the west face of the cap.

3. A flexural crack extending across the full width of the cap, about 6 inches south

of the piers centerline.
Crushing at the pier cap and column interface did not occur until a load of 257 kips, after the top
layer reinforcing had already yielded. Other strain gage data for Pier C-1 is given in appendix D.
Pier D-1 Strains. A plot of resultant load versus the strain in gages 9 through 12 for Pier
D-1 is shown in Figure 3.21. Strain gages for Pier D-1 had a behavior similar to Pier C-1, with the
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Figure 321 Resultant Load vs. Strain on Gages 9 - 12 for Pier D-1

load-strain curve linear up to yielding before reaching a plateau. There was a jump in strain
between loads of 48 and 67 kips, corresponding to the formation of the first flexural crack across
the top of the cap which ran between the sets of gages. Bar 1 yielded at a load of 129 kips, bar 3
yielded at 152 kips, and bar 2 yielded between 152 and 173 kips. Again, yield loads were
significantly lower than the pier capacity of 203 kips. For Pier D-1, there was a good correlation
between yield in the bars and ‘crack formation. Cracking forming during yield of the bars is

described below.

1 The flexural crack at the interior edge of the base plate grew to extend across the
depth of the pier cap on both faces of the specimen. Prior to yielding, the flexural
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component on the west face of the pier was 1 and 1/4 inches long, and there was
no flexural component on the east face of the pier.

2, A flexural crack extending across the width of the pier formed at the center of the
pier cap.
3. The first shear crack formed and extended across the full depth of the west face

of the pier cap.

While significant cracking occurred during yielding of the bars, there was no change in load-
deflection behavior as bars yielded. Crushing occurred after the bars had yielded, and corresponded
to the specimen capacity of 203 kips. Other strain gage data for Pier D-1 is given in appendix D.

Pier C-2 and Pier D-2 Strains. Plots of resultant load versus strain on gages 5 through 8
for Pier C-2 and Pier D-2 are shown in Figure 3.22 and Figure 3.23, respectively. Strain gage
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Figure 3.22 Resultant Load vs. Strain in Gages 5 - 8 for Pier C-2

readings for both tests were comparatively low, reaching a maximum of about one half the yield
strain. Low strains were expected on the second test of a specimen since the resultant load nearest
the strain gages was low, about 50 kips. However, at these small loads strains in the rebar were
significantly higher than in the first test on a specimen as shown in Table 3.4 which compares the

average strain on all gages at a given load for the two tests on a specimen. For the first test on a
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Figure 323 Resultant Load vs. Strain in Gages 5 - 8 for Pier D-2

specimen, the uncracked concrete carried tension Table 3.4 Comparison of Strain for the
at these small loads. However, for the second First and Second Tests on a Specimen
test on a specimen the concrete at the strain

gage location was already cracked so the steel Specimen (11110;:) M?czeorsatf:in
had to absorb all the tension, resulting in the 1 588 155
larger strains at a given load. Again, complete C2 58.0 408
strain gage data for Pier C-2 and Pier D-2 is D-1 475 81
given in appendix D. D-2 43.1 801




CHAPTER 4
ANALYSIS OF RESULTS

4.1 INTRODUCTION

In this chapter, test results are summarized and the specimen capacities predicted by
different design methods are compared with test results. First, conventional design methods from
the 1992 AASHTO provisions and ACI 318-89 (ACI 1989) code are examined. The two design
methods most suited to the problem geometry are the corbel and deep beam provisions from
AASHTO Section 8.16.6.8 and ACI 318-89 Chapter 11, respectively. Next, the strut and tie method
is used to predict the pier cap strength using two strut and tie models. To demonstrate the use of
the strut and tie method, a sample design of a full size pier cap using this method is presented. The
strut and tie method is also used to predict the strength of a typical pier cap design. Finally, criteria
for judging constructed pier caps through field inspection are given. It should be noted that the
above approaches for sizing a pier cap and its reinforcing are all design methods. Thus, the use of
these methods as analysis tools requires making some judgements to predict the specimen strength
based on the actual reinforcement used. The analyses focused on specimens A and C because those

two specimens are most representative of reinforcing that has been and would be used in the pier

cap.

42 DISCUSSION OF TEST RESULTS

The ultimate strengths of the test specimens

are shown in Table 4.1. Specimen capacity is directly Table 4.1 Test Specimen Strengths

related to the amount of horizontal reinforcing, which = =
Specimen Average Static

is needed to develop the action of a tied arch. The Capacity (kips)

effect of the amount of steel in the top layer of the A 395

pier cap is shown by a comparison of specimens A B 323

and C. Specimen A, with #6 bars in the top layer C 299

had a capacity P, = 395 kips, while specimen C with D 209

#3 bars in the top layer had a capacity of P, = 299 E 269

kips. The only difference in reinforcing for

specimens A and C is the size of the bars in the top

41
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layer. The ability to develop the strength of the bars in the top layer of the cap is also critical.
Specimen B is identical to specimens A, except that in the top layer of the pier cap only straight #6
bars are used, resulting in very small anchorage lengths. The small anchorage lengths provided for
the top bars of Pier B are inadequate to develop the required bar force, as bond distress was
observed during testing. The capacity of specimen B was 323 kips, much less than specimen A
capacity.

The quantity and anchorage of steel in the top layer of the pier has a large influence on
specimen strength, and the importance of the steel can be explained considering specimen failure
modes. As load was increased on a specimen, crushing at the pier cap/column interface eventually
occurred. To carry more load, the compression strut has to move further into the column, requiring
a larger tie force to maintain equilibrium. In specimens B, C, D, and E, the capacity of the bars
in the top layer of the pier cap was limited, so failure was reached soon after crushing at the pier
cap/column interface began.

The placement of the intermediate hoops (bars B) also has a considerable effect on
specimen strength as shown by a comparison of piers C and D. Piers C and D are identical except
that bars B (and bars U) are removed from specimen D. Without the intermediate hoops,
specimen D capacity was only 209 kips, as compared to 299 kips for specimen C. The mechanism
by which bars B contribute to the specimen capacity is not as clear as for the bars in the top layer
of the pier cap. The intermediate hoops closest to the top of the pier sce the largest force, so those
bars act mainly as tension ties. The intermediate hoops also can resist loads by dowel action.

Examination of the specimens shows that bearing failure did not limit the capacity of any
of the specimens, although punching of the base plates was seen on all specimens. The conclusion
that bearing strength did not limit pier cap strength comes from a comparison of the concrete
damage seen in the first and second tests on a specimen. For the first test on a specimen very
limited punching occurred, while for the second test of a specimen in which large deformations were
forced, more significant punching occurred. Thus, most of the punching occurs after a specimens
capacity has already been reached. For specimens A, which had the greatest capacity, the average
bearing stress sustained was 5.16 ksi, or 1.27 £ (f’ = 4,050 psi). The bearing strength on top of
the pier cap is helped by the continuous rebar (bar T) around the perimeter of the cap, which
provides confinement. The bearing stress, f,, sustained can be compared to the load factor design

provisions for bearing of AASHTO section 8.16 with the @ factor removed.



From AASHTO (1992):

where

A
= 085 f/ | 2 = ultimate bearing stress
b c A g

1

£/ = 4,050 psi
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“.1)

A, = base plate area =76.56 in*

= 133 f/

&
I

= surrounding concrete area = 187.7 as a maximum

When the & factor is not applied to code provisions, the code specified ultimate bearing stress and

largest tested bearing stress agree, 1.33 £ and 1.27 £, respectively. Since the applied bearing stress

was slightly less than the code value, and bearing failure did not occur, no conclusions can be

reached regarding the maximum permissible bearing stress. Further testing needs to be conducted

to determine the bearing strength at the top of the pier caps.

43 CORBEL ANALYSIS

The pier cap geometry studied looks quite similar to a corbel, so the corbel provisions were

the first application of conventional
analysis to predict specimen capacity.
The action of a corbel as used in the
1992 AASHTO code is shown in Figure
4.1. The corbel design technique is
intended for span to depth ratios less
than one, where ordinary flexural theory
is not applicable (Salmon 1985, ACI
1989). In the AASHTO (1992) corbel
code provisions, the shear strength comes
entirely from shear friction.

The AASHTO (1992) code

procedure gives an area of steel in the

A, V
_a J"
T= Asf X
\ < Y
d
- Forces contributed by
C—> horizontal stirrups or
ties are neglected.
>

Figure 4.1 Force Distribution Assumed in Corbel
Code Provisions (Salmon 1985)
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top layer of the corbel based on two checks. The first check considers shear, while the second
check considers moment. The intermediate stirrups are sized based on the amount of steel in the
top layer of the corbel. For the pier cap geometry chosen, the check based on shear controls

because the moment is extremely small. Using the AASHTO (1992) code as an analysis method

gives:

V. = 154, f, u, the nominal shear strength < 0.2f'bd and [800 psilbd
where
A, = the area of steel in the top layer of the corbel , 42)
[bars A and T in the specimen)
u = coefficient of friction for normal weight concrete cast monolitically = 1.4
b = the corbel width
d = depth of reinforcing shown in Figure 4.1

The multiplier of 1.5 reflects the benefit of the additional layers of stirrups. A comparison of corbel
design strengths and the test results for specimens A and C is shown in Table 4.2. For specimen
A, the limiting shear strength controlled the corbel design strength. As the results show, the corbel
provisions are inadequate to predict pier cap strength because they only consider shear friction to

resist applied loads and ignore the inclination of the compression block.

Table 42 Test Specimen Capacity Compared to the Strength Predicted by
Conventional Design Methods

Corbel
Specimen Average Test Corbel Design Deep Beam Parameters
Capacity Strength Strength (kips) A, f,
(kips) (kips) (in?) | (ksi)
A 395 151 95 22 60
C 299 55 95 0.55 474

4.4 DEEP BEAM ANALYSIS
The deep beam provisions in the ACI 318-89 code also appear applicable to the pier cap
design. These provisions reflect the different behavior and capacity of beams with span to depth

ratios less than five (Salmon 1985, ACI 1989). The deep beam provisions follow the same basic
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approach used to find the shear strength of a regular beam, with the concrete and stirrups both

contributing to the shear resistance as shown in Equation 4.3.

V,=V.+V,<8ff b
where @3)
V_ = shear strength from concrete

V. = shear strength from steel stirrups

For the deep beam provisions, the V, term includes the effect of the ratio M,/V, at the critical
section. Also, the V, term considers the contribution of horizontal stirrups to the shear resistance.
Using the deep beam provisions for specimens A and C, the upper limit on shear strength
controlled. The design capacity for both specimens was 95 kips, much less than the test capacity
given in Table 4.2. Thus, the deep beam provisions are also inadequate for the design of the pier

cap region.
4.5 THE STRUT AND TIE DESIGN METHOD

4.5.1 Introduction

Obviously, traditional design procedures for shear in the 1992 AASHTO and ACI 318-89
codes are inadequate to realistically predict the strength of the pier caps tested. The load carrying
capacity of the pier cap comes from direct compression of an inclined strut, and this action is not
explicitly covered in the 1992 AASHTO provisions or the ACI 318-89 code. The inadequacy of
normal design codes is not limited to the pier cap studied, but also to other abnormal regions of
structures where plane strain conditions do not exist (Bergmeister et. al. 1990, Schlaich et. al. 1987).
In cc;nt.rast, the strut and tie method is well suited to the design of abnormal geometries because
the method simplifies the behavior of an indeterminate region into discrete load carrying members
(Schlaich 1987). Essentially, the strut and tie method is a more general application of the classical
truss analogy used for beams. The method is also sinﬁlar to the tension field concept for the shear
strength of steel plate girders. The strut and tie method is used to break a structure into a static
force system composed of three elements (Bergmeister 1990):

1. compression struts

2. tension ties

3. nodes
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Some examples of strut and tie models are shown in Figure 4.2. The strut and tie model essentially
forms a truss to resist loads applied to the structure. As in a truss, forces are uniaxial and change
direction only at the nodes. One of the benefits of using a strut and tie model is a better
understanding of the distribution of forces within the structure, allowing the engineer to more

successfully detail reinforcing.
a MOMENT OPENING CORNER ¢. CORBEL
D ) . &5
_ ' \_/ :
MOMENT CLOSING CORNER __ NE> <
b. — STRUTS P
) R |
| £ &
\ -/
d. DEEP BEAM

Figure 42 Examples of Strut and Tie Models (from Schlaich 1987)

A detailed discussion of the theory behind the strut and tie method is beyond the scope of
this research. However, the most important concepts relevant to the pier cap design are covered.
An excellent summary of the strut and tie method in general is given by Anderson (1988), and a
thorough background of the design concept is given by Schlaich (1987). Finally, a summary of the
state of the art of the strut and tie method and tests on strut and tic elements is given by
Bergmeister et. al. (1990) from which stress limits for the concrete are chosen.
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452 Major Assumptions of the Strut and Tie Method

Perhaps the most important consideration in examining the use of a strut and tie model for
design is its adherence to the lower bound theorem. The lower bound theorem states that a load
carrying system based on a statically allowable stress field which does not go beyond the yielded
state is a lower bound to the limit load (Bergmeister 1990, Yura 1992). As a condition of this
theorem, the statically allowable stress field must satisfy equilibrium and boundary conditions
(Bergmeister 1990, Yura 1992). The use of a lower bound method is well suited to concrete, as
concrete has little ability to undergo plastic deformations. Thus, the strut and tie model should be
chosen so that the deformation capacity of the concrete is not exceeded before the structure reaches
its assumed state (Schlaich 1987). To meet this condition, Schlaich (1987) suggests the strut and
tie model should be oriented based on elastic stress fields. Therefore, a strut and tic model based
on elastic stress fields represents a lower bound solution, and will give conservative results so long
as sudden failures due to instability or localized crushing are prevented (Bergmeister 1990).

In applying the strut and tie model, five major assumptions are made (Bergmeister 1990,

Anderson 1988):
L Failure coincides with the formation of a mechanism caused by yielding of one or
more of the ties.
2. Concrete does not crush prior to yielding of the ties. The crushing is prevented
by limiting stress in the concrete.
3. Forces in the struts and ties are uniaxial.
4, All external loads are applied to nodes of the strut and tie model. When

distributed loads exist, the model must realistically fit the applied loading.

5. Reinforcement is detailed so bond and anchorage failures are prevented.

453 Creation of a Strut and Tie Model

To apply the strut and tie model to a structure, Schlaich (1987) proposed breaking a
structure up into "B" and "D" regions as shown in Figure 4.3. The B regions adhere to Bernoulli’s
assumptioniof plane strain, so internal forces for these regions are known. The D regions consider
discontinuities in the structure where the distribution of strain is extremely non-linear (Schlaich
1987) such as the pier cap studied. The design of B regions is very well documented, so the use of
the strut and tie model is typically applied to D region design.



Once the B and D regions are
identified, the strut and tie models for
the D regions can be formulated.
Schlaich (1987) gives two
techniques for finding the layout of struts
and ties in a model. In the first method,
a finite element analysis of the D region

main

can be made to determine the
distribution and orientation of principal
stresses in the region. The struts and
ties can then be aligned with the axes of
the corresponding principal stress fields
(Schlaich 1987). The second method, the
"load path method", can be used to
determine the strut and tie model if an
elastic analysis is not possible, or if the
internal distribution of forces is evident.
For the load path method, all sectional
forces, loads, and reactions acting on the
boundaries of the D region are found.
Using the stresses on the cross section as
boundary conditions, stress distributions
on one side of the D region are
connected with their corresponding
boundary conditions on the other side of

the D region as shown in Figure 4.4.
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Figure 43 B and D Regions (Shaded) of a
Structure (from Schlaich 1987)
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Figure 44 Use of the Load Path Method to form a
Strut and Tie Model (from Schlaich 1987)

The struts and ties should be oriented at the centroids of the respective stress diagrams. With the

main load paths arranged, additional struts and ties are added to allow equilibrium at the nodes

(Schlaich 1987).

Finally, the quality of the strut and tic model can be judged realizing that loads in a

structure follow the path of least resistance. As Schlaich notes (1987), the ties are much more
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deformable than the struts, so the model with the least a. GOOD MODEL b. BAD MODEL

ties is best by an energy criterion. An example of this T wa T T HfH T

concept is shown in Figure 4.5.

4.5.4 Individual Elements of the Strut and Tie Model / \

4541 Ties. Ties are tension carrying
elements and in the pier cap can consist of reinforcing !ié !l!

steel or concrete carrying tension. In this research, Figure 45 The Good Strut and Tie
only reinforcing steel was considered. The strength ~ Model has Shorter Ties Than the Bad

available to a tie is taken as the yield capacity of the Model (from Schlaich 1987)
bars:
T-af,
where ’ (4_4)

A_ = the area of steel in the tension tie
[, = the yield stress of the steel

The strength check for the tension ties is'very straightforward, but there are several other concerns.
First, following the major assumptions of the strut and tie method, the main reinforcement should
yield at the ultimate load. To allow a ductile failure, the bars must be able to undergo plastic
deformations before crushing of the concrete begins (Bergmeister 1990). Second, the bars must be
able to develop the required strength at the node location. This condition means that the bars must
have adequate anchorage behind the node. Also, tension steel should be evenly distributed over the
full width of the tension tie. Finally, consideration should be given to crack control under service

loads.

4542 Struts. Struts are compression carrying elements and consist of concrete and
compression steel that does not buckle. Three basic concrete compression struts are available as
shown in Figure 4.6 (Schlaich 1987). The models proposed for the pier cap use only the prismatic
compression strut (Figure 4.6.c).
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Figure 4.6 The Threec Compression Struts (a) The Fan (b) The Bottle (¢) The Prism
(from Schlaich 1987)

The allowable load in the strut is the sum of the contributions from the steel and concrete:

C=C +C,
where
C = Af , = compression in the concrete

C, = Af = compression in the steel
where “45)
A, = area of the strut
f,, = design stress in concrete = vf!
v = concrete efficiency factor
f, = stress in steel
The concrete efficiency factor accounts for the different strength of concrete in the structure as
compared to the strength measured by cylinder compression tests. As presented by Bergmeister
(1990), the efficiency factor accounts for conditions in the structure such as:
- a multiaxial state of stress
- cracking
- disturbances caused by reinforcing steel
- aggregate interlock
The efficiency factors are different for different types of struts. For undisturbed struts a larger
efficiency factor is used, while if cracks interrupt the strut, a smaller efficiency factor is used
(Schlaich 1987). Essentially, all struts in the proposed model are not interrupted by skew cracking.
Thus, for the prismatic compression fields used, Bergmeister (1990) suggests using the following

concrete efficiency factors:
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v = 0.8 for £, < 4,000 psi
A
10,000
v = 0.65 for f, > 10,000 psi

v =09 - 025 for 4,000 < £, < 10,000 psi “6)

Since concrete strength was 4,000 psi for specimens A and C, v is taken as 0.8 for the strut and tie

models considered.

It is i ¢ .
t is important to consider STRESS FIELDS  STRUT AND TIE MODEL
compatibility when examining concrete ,l; il[
struts. Large compressive stresses in o c
AR
concrete struts give rise to transverse T 3
c

tensile stresses which can cause

cracking and loss of capacity. Thus, it “H /

may be necessary to refine a model so

transverse tensile forces are considered
as shown in Figure 4.7 (Schlaich 1987). Figure 4.7 Strut and Tie Model Considering
Transverse Tensile Stresses (from Schlaich 1987)
4.5.43 Nodes. Nodes are the points in a strut and tie model where truss forces change
direction. Nodes combine three truss elements, so they are classified as either CCC, CCT, CTT,
or TTT nodes based on the forces in the truss members they connect (Schlaich 1987). For example,
a CCT node is the intersection of two compression struts and a tension tie. Nodes can be further
classified as singular or smeared (Schlaich 1987). The models presented consider singular nodes,
where the intersection of forces occurs in a small area around the theoretical node location

(Schlaich 1987). Bergmeister (1990) gives two considerations for dimensioning the nodes:

1. The lines of action at the centroid of the ties, struts, and external loads must
coincide.
2. The widths and relative angles of the struts and ties limit the dimensions of the

sides of the nodes.

Obviously, the dimensions chosen for the nodes will affect the strength check for the nodes. Since
the strength checks for nodes are not well defined, adherence to the above two recommendations
to dimension nodes is probably adequate. The two node types used in the proposed strut and tie
models are CCC and CCT nodes.
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CCC Nodes. An example of a CCC node is shown in Figure 4.8. The ideal condition for
a CCC node is a "hydrostatic” state of stress (Schlaich 1987). In a CCC node, a hydrostatic stress

state is achieved when all stresses on the faces of
the node are equal, and when node faces are
perpendicular to their corresponding stress fields
(Bergmeister 1990). An example of a CCC node
in a hydrostatic state of stress is shown in Figure
49. In a hydrostatic stress state, both principal
stresses in the node are equal to the boundary
stress (Bergmeister 1990). Thus, since all
boundary stresses must be within allowable limits,
the stresses in the node are also within allowed
limits. If a hydrostatic stress state at the node
does mot exist, Schlaich (1987) suggests two
conditions that should be met for the node
strength to be considered satisfactory. First,
nodes that have a ratio of stress on adjacent
sides not less than 0.5 are probably satisfactory.
Second, boundary stresses on the faces of a node
should all be within their respective limits.

CCT Nodes. The geometry of a CCT
node which will be used in the proposed strut
and tie models (sections 4.6 and 4.7) is shown in
Figure 4.10. For the CCT node shown in Figure
4.10, the geometric constraints of the base plate
width and the tension tie width define the strut
width., For this CCT node model, the tie width
(WT) is taken as the out to out dimensions of the
rebar as shown in Figure 4.10. When there is

Figure 4.8 CCC Node with Unequal
Pressure (from Barton 1988)

Figure 4.9 CCC Node Under Hydrostatic
Stress (adapted from Anderson 1988)

only one layer of tension steel, the tie width is taken as the bar diameter. A summary of other
techniques to find the width of the tie based on stress fields is presented by Anderson (1988). At
this node, bearing stress, stress in the strut, and anchorage are checked independently using the
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geometry of Figure 4.10. Bearing and
anchorage can both be checked using the 1992
AASHTO provisions. For the CCT node,
anchorage of the bars is essential and may
require hooks or loop anchorage. Bergmeister

(1990) states that anchorage begins where the

compression struts meet the bar as shown in

Figure 4.10. Conservatively, development
interior edge of

length can be taken as beginning at the interior  base plate s 'T
base piate
edge of the base plate. For the compression } P

strut at the CCT node, Bergmeister (1990) wP

suggests using a concrete efficiency factor lye

based on tests of CCT nodes by Bouadi (1989). WT =ndy+(n-1) s

F in Fi n = # of reinforcing bar layers
or the strut at the CCT node shown in Figure s = clear bar spacing

4.10, the recommended efficiency factor is the WG = WP sin & + WT cos ¢

same as that presented earlier for prismatic
Figure 4.10 CCT Node With Multiple Layers

compression struts (v=0.8). As a final note, of Reinforcing (from Bergmeister 1990)

Bouadi’s tests on CCT nodes showed that the

use of vertical hooks crossing the compression strut may decrease the overall capacity of the strut
by about five percent. This possible loss of strength is very small compared to the overall
uncertainty of the node and model design (Bergmeister 1990, Bouadi 1989).

4.6 STRUT AND TIE MODEL 1

4.6.1 Geometry and Assumptions of Model 1

The layout of the first strut and tie model for the piers was determined using the results
of a plane stress finite element analysis and the cracking patterns observed during testing. The
finite element program used was ANSYS. The finite element mesh is shown in Figure 4.11. Eight
node elements were used for the pier cap and column, while four node elements were used for the
base plate. To simulate loads from the roller, a pressure loading of 10 ksi was applied on two of
the base plate elements (total width = 1.46") as shown in Figure 4.12. Contour plots of principal

tensile and compressive stresses in the pier from the finite element analysis are shown in Figures
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Inspection of the contour plots shows that the load on the finite element model was applied
at a small eccentricity relative to the edge of the column. This eccentricity of the load is not
apparent when examining a profile view of the pier cap. However, by taking a slice through the
piers longitudinal axis the shear span can be observed as shown in Figure 4.16. Slice "A" represents

o
y
e
e o
G OF ROLLER X a=147
| | 277
A\r Y
k—.—a-w)l 147 5.73"
PLAN VIEW OF TOP OF PIER - 74
CAP PROFILE AT SECTION A-A

Figure 416 Shear Span Modelled in the Finite Element Analysis

the largest shear span for the applied loading, so this shear span was used for the finite element
analysis to examine the greatest inclination of the load path.

The layout of members and nodes of strut and tie Model 1 is shown in Figure 4.17. The
heavy compression strut is modelled with a "bottle” strut which provides an indication of transverse
tensile forces. The et compression load carried by the bottle strut is C1, and the angle of
inclination of this strut is . At nodes 1 and 2 struts C2 are separated by an angle 2*¢, with the
angle ¢ termed the "diffusion" angle for the strut. The strut diffusion angle defines the slope at
which compression forces spread from under the base plate (Bergmeister 1990). Bergmeister (1990)
suggests that the diffusion angle can be found using Equation 4.7. The compression field width in

diffusion angle ¢ = 12 ——

w
" “.7
where
w = bearing plate widsth
h = compression field width
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Figure 4.17 Configuration of Strut and Tie Model 1

Equation 4.7 is not the same as a strut width, but represents an outer boundary to the compressive
stress ficld under the base plate. The value for *h’ is determined considering the physical
boundaries of the structure as shown in Figure 4.18. The limit on the distance 'n’ in Figure 4.18
is found where a 45° line starting at the centerline of the

base plate intersects the edge of the structure. The value P

of °l’ is the smaller of m and 2*n. For the pier studied,

the compression ficld width, b, is the depth of the pier ~ Dase plate N—

cap (14.5") as shown in Figure 4.17. A
Several analyses of Specimens A and C were 45

made using Model 1 (reinforcing is described in section < (—n)<n_) m

22.2). The steps for conducting the analyses are given

below. Y
1 Beginning at node 1, the force in the I_:Ieacﬁon

main tension tie (T1) was assumed.

Figure 418 Determination of the
Compression Field Width
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The angle of inclination, 6, of the main compression strut (C1) was assumed.

Using the force T1 and angle of inclination from steps 1 and 2, all forces in the

The centroid of compression strut C5 was then found, considering that the
maximum concrete strain is located at the edge of the column. The centroid

2,
3.
strut and tie members were calculated.
4.
location is shown in Figure 4.19.
5.

The centroid location computed in step 4 was then compared to the centroid
location predicted by the angle of inclination assumed in step 2. If the two
locations agreed, the system was in equilibrium. If the centroids did not match,
the procedure returned to step 2, and further iterations were made as needed.

When choosing the force in T1 in step 1 above,
the tie forces were always assumed less than or
equal to the yield capacity of the existing steel.
For T1, the corresponding rebar in the specimen
is bars A and T. For Piers A the tie capacity
was 132 kips, while for Pier C the tie capacity
was only 26.1. Both tie capacities are based on
using the full yield strength of the bar as
determined by tensile tests.

To find the centroid of compression
strut C5 in step 4 above, compression carried by
the column steel was considered. The inclusion
of compression steel to the force in C5 meant
that a transformed area approach had to be used
to find the centroid of strut C5. Since column
steel compression strains were not measured

during tests, three compression forces from the

P

L
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'Y
v Tv
Y| sTRutcsl Y

A

-)"‘f—('
PROFILE OF PIER CAP

~CENTROID LOCATION

AREA OF COMPRESSION
STRUT

SECTION A-A

Figure 419 Centroid Location for the

steel, C,, were considered: o Column Compression Strut
1. C, =0.
2, C, = 58 kips. This force was determined using compatibility between the steel and

concrete. The concrete deforms under load, so the compression steel is subjected
to the same strains as the concrete. Knowing the maximum stress allowed in the
concrete, the steel stress was computed as shown below:
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given
Ormax = vfl, allowable concrete stress = 3.2 ksi
E, = 57|[f] [ksi] by ACI 318-89, conrete modulus

ocmx

“3)

€, = , Strain in concrete

(2
€, = €, Strain in steel
s0 f, = E€, = 25 ksi = stress in steel

Only the column steel around the periphery of the circular end of the column as
shown in Figure 4.20, was considered to contribute to the strength of strut C5. All
six bars in Figure 4.20 were used to find the force in the compression steel, as the
bars fell within the main stress field for strut C5. Thus, the force in the
compression steel is:

C, = 64,[f, - Opnel = 58 kips 49)

3. C, = 119 kips. This force was determined considering
the design of columns under pure axial load. Under bar 1
pure axial load, the full yield capacity of the compression
steel is used to find the column capacity (Salmon 1985, bar 2
ACI 1989). Considering that the main compression field
of the finite element analysis is concentrated close to the
edge of the column, only bars 2 through 5 of Figure 4.20 bar 3
were assumed to yield. Bars 1 and 6 were assumed to
have a compatibility force as assumed in part 2 above.

Thus, the total compression is: bar 4

4.10)

C, = 44[f, - 0. ] + 24,[25ki - 0, ] = 119 kips bar 5

bar 6

Both of the compression forces used above are arbitrary, but allow a  Figure 420 Layout
of Compression Steel
at the Edge of the

When examining results from the strut and tie analyses, the force Column

in strut C1 was checked to insure the validity of the model. The force
allowed in C1 was calculated in accordance with the CCT node geometry of Figure 4.10, with the
concrete efficiency factor as presented earlier. Thus, the limit on C1 is shown in Equation 4.11.

reasonable approach to account for the column compression steel.

Since concrete strength was very close for specimens A and C, a value of 4,000 psi was used for £,



C=A4F,
where
£, = allowable stress=0.8f, @1
A =bw
b = thickness of pier cap, 14.5"
w = strut width based on Figure 4.10

4.6.2 Analysis Results from Strut and Tie Model 1
The analysis results using Model 1 with several different combinations of T1 and C, are
shown in Table 43. Only the analyses satisfying allowable stresses for C1 and T1 are presented.

Table 43 Specimen Capacity and Member Forces for Strut and Tie Model 1

Pier A Pier C

Analysis 11 12 13 14 1-5
Capacity, P 311 344 373 132 159
ratio of theory/test 0.79 0.87 0.94 0.44 0.53
Inclination, 61 67.0 69.0 705 78.8 80.7
Compression in Steel 0 58 119 0 58
T1 132 132 132 26.1 26.1
T2, horizontal 43 49.0 53.1 188 227
T2,vertical 18.8 18.8 18.8 37 37

c1 338 368 395 134 162

F&;‘; 2 176 191 206 69.9 84.0
C3 169 184 198 672 80.8

c4 132 132 132 26.1 26.1

C5 311 344 373 132 159

Centroid 4.68 435 4.09 252 211

For specimen C, the model with C,=119 kips is not listed as the column bars that were assumed
to have yielded did not fit within the calculated compression field. The results from tests on
Specimens A and C are summarized in Table 4.4. Physically, the analysis models agree with the
test results as the angles of strut C1 inclination for the strut and tie models are close to the
observed cracking patterns. For Pier A, the loads predicted by the strut and tie analyses agreed
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very well with test results. For Pier C, Table 4.4 Tested Capacities for

however, the strut and tic model was extremely Pier A and Pier C

conservative, predicting less than half the

od 0 Th ¢ and 6 ks £ Pier A | Pier C
& . trul i ts
csted capactiy. The strul and to estls Tor Average Capacity 395 299
Pier C showed better correlation to the load at Average Inclination of 56° 750
which reinforcing in the top layer yielded Main Strut Cracks
during testing, about 200 to 217 kips. It is || Test 1 Capacity (kips) 368 298
reasonable that the strut and tie model ismore | _Test 2 Capacity (kips) 387 299
accurate in predicting the specimen yield load, [L_T¢St 3 Capacity (kips) 430 .

because the strut and tie method assumes

failure occurs with yielding in the ties as discussed in section 4.5.2. The discrepancy between Model
1 strength predictions and the tested specimen capacities can be accounted for by load carrying
components other than the tie/arch action accounted for in the strut and tie model. Additional
strength may come from dowel action, aggregate interlock, and shear transfer in the uncracked
concrete (Salmon 1985).

The compression steel force assumed in strut C5 had a significant impact on results of the
strut and tie analyses. There was a direct correlation between C, and the predicted pier capacity,
with the pier capacity rising with larger C, values. This trend can be explained by looking at the
inclination of strut C1. As the force in the compression steel rises, the centroid of C5 moves closer
to the edge of the column, increasing the angle of inclination of strut C1. For a larger angle of
inclination, the vertical component of the main strut increases, enlarging the predicted specimen
capacity. The extent of this increase in capacity is limited by the allowable compression stress in
the main compression strut, and the capacity of the tension tie T1.

The difficulty of using a strut and tie
model as an analysis tool can be seen by Table 45 Limitations on the Components of
considering tie T2. The horizontal and vertical T2 Based on Reinforcing in the Test Specimens

components of T2 are listed in Table 4.3

Pier A Pier C

L. Maximum T2 19.8 kips 15.6 kips
orientation of stirrups (bars B and S) in the Horizontal

because those components match the

pier cap. Considering the layout of reinforcing Maximum T2 6.6 kips 5.2 kips
in the test specimens, the limits for the Vertical

components of T2 are given in Table 4.5. For
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both Piers A and C, the strut and tie analysis predicts larger forces than the stirrups can handle.
However, the magnitude of T2 depends greatly on the diffusion angle, which is only generally
known. Also, tension in the concrete has not been considered. Because of the uncertainty of the
magnitude of transverse tensile forces, the inadequacy of stirrups as predicted by the strut and tie
model was ignored because all the analysis results were conservative. When examining member
forces from an assumed model, the allowed stresses on T1 and C1 were used to judge the validity
of the analysis as T1 and C1 are the most critical load carrying components of the model.

4.7 STRUT AND TIE MODEL 2
The second strut and tie model was created to increase the predicted capacity for Pier C,

and is shown in Figure 4.21. Model 2 follows the main stress fields of the finite element analysis,

¢P
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< / i
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Figure 421 Configuration of Strut and Tie Model 2

but considers the restraint of the horizontal stirrups individually. For Pier C, the forces in the
intermediate stirrups (T2-T4) were chosen as the yield capacity of the bars to give the maximum
benefit of each tie. While this assumption gave the best results for the model, it is not certain that
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all of the ties across the pier cap depth yielded. The assumption that all the intermediate stirrups
yielded is consistent with a linear distribution of strain across the depth of the pier cap. At the
ultimate load for specimen C, the maximum crack size at the top of the pier was approximately
1/16", and the average strain in the top layer reinforcing steel was about 12,000 microstrains. Since
cracking extended across the full depth of the pier at the peak load and strain at the top layer was
very large, it is probable that at least two layers of the intermediate stirrups yielded in specimen C.
For Pier A, the force was found by assuming a linear distribution of strain across the pier cap
height, with the maximum strain found in the top layer of reinforcing.

The capacities and member forces for Specimens A and C as predicted by Model 2 are
given in Table 4.6. The second model did predict a greater capacity for Pier C, but the analysis

Table 4.6 Specimen Capacity and Member Forces for Strut and Tie Model 2

Pier A Pier C
Analysis 2-1 2-2 2-3 24 2-5
Capacity, P 319 353 171 198 236
ratio of theory/test 0.81 0.89 0.57 0.66 0.79
Theta 1 67.5 695 813 825 83.7
Compression in 0 58 0 58 119

Steel

T1 132 132 26.1 26.1 26.1
T2 10.2 102 104 10.4 104
T3 73 73 104 10.4 104
T4 43 43 104 10.4 104
13;.‘;58 c1 345 377 173 200 238
c2 349 381 174 202 239
C3 352 383 177 204 241
C4 354 385 180 206 243
Cs 154 154 5713 573 513
C6 319 353 171 198 236
Centroid 481 4.50 3.01 2.66 2.28

results were still much less than the tested capacity. Model 2 predicts a greater load than Model
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1 for an assumed T1 and C,. This increased strength occurs because the second model has a larger
angle of inclination at node 1, increasing the vertical component of strut C1. In Model 2, the
centroid of the compression strut was located further in the column than for Model 1 because the

compression strut changes inclination at each horizontal stirrup.

4.8 SUMMARY OF STRUT AND TIE RESULTS

While both strut and tie models did not accurately predict Pier C capacity, strength
predictions from the models agreed quite well with Specimen A test results. The poor results for
specimen C can be partially explained considering the assumption of the strut and tie model that
load is carried only through the action of a tied arch. If the size of T1 is reduced to zero kips, the
strut and tie model predicts that the specimen capacity is zero. However, the specimen will have
as a minimum capacity the concrete strength in shear.

Specimen C could not reach the available capacity of the inclined compression strut because
the restraining tie at the top of the pier cap was too small.  Since the compression strut for pier
C is not fully used, the contribution of shear carrying mechanisms such as aggregate interlock make
up a larger proportion of the total load in specimen C. Because the strut and tie model only
considers the capacity provided by direct strut action, there will be less accuracy for Pier C as the
compression strut capacity was not reached. For specimen A, the other shear carrying mechanisms
carry a smaller portion of the load, so the strut and tie model had more accuracy.

To account for the load carried by shear in the concrete, a concrete shear strength term,
V., can be added to the strut and tie strength. Using the upper limit on V, from the ACI 318-89

deep beam provisions, the shear contribution is:

V,=6f b,d=12kps
where

£, = 4,000 psi

b, = 14.5 inches

d = 13.0 inches

4.12)

The specimen capacities resulting when the concrete shear strength term is added to the strength
of strut and tie Model 1 are shown in Table 4.7. The addition of the V, term to the strength from
strut and tiec Model 1 greatly improves results for specimen C. For Piers A, the addition of the V.

term gives results that are slightly unconservative when the effect of compression steel is considered.
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Table 4.7 Predicted Specimen Capacities when a V, Term is Added to
Strengths from Strut and Tie Model 1

Pier A Pier C
Analysis 1-1 1-2 1-3 14 1-5
Capacity from Strut and Tie | 311 344 373 132 159
Model 1 (kips)
Old Ratio of Theory/Test | 0.79 0.87 0.94 0.44 0.53
V. Term (kips) 72 72 72 72 72
Strength from Model 1 and 383 416 445 204 231
V., Term (kips)
New Ratio of Theory/Test 0.97 1.05 113 0.68 0.77

However, compression steel is not typically used in strut and tie designs, so the inclusion of the V,
term for Piers A would be acceptable. Further consideration of a concrete shear strength term, V.,
in addition to the strut and tie strength should be developed in future reports.

For the strut and tie analyses, the force in T1 was assumed. This assumption is critical,
because the tie capacity used in the strut and tie analysis limits the specimen capacity by equilibrium
at node 1. For specimen C, strain gages on the bars showed that all bars in the top layer of the pier
had yielded before the peak load was reached, so the yield capacity of the bars was used for the
strut and tie model. Since bars in the top layer of specimen A did not have strain gages, the force
in the bars had to be assumed. For specimen A, the force for T1 was assumed as the full yield
capacity of the bars in the top layer, 132 kips. This assumption gave strut and tie strength
predictions that agreed well with tested results. However, it is very unlikely that the full yield
strength of all bars in the top layer of pier A was reached. For specimen C, the #3 bars in the top
layer of the pier yielded at a load of around 200 kips. Since the area of a #3 bar is 1/4 that of a
#6 bar, the force in the #6 top layer bars of specimen A was probably 1/4 the yield capacity of the
#6 bars at a load of 200 kips. Extrapolating to the capacity of specimen A, the #6 bars would
probably see a load of about 1/2 their yield capacity at a load of 400 kips.

The anchorage of the bars can also be considered in predicting the actual force in tie T1.
For specimen A, inspection of the failed specimen showed no signs of bond distress. However, for
the straight bars in specimen A, the available development length for the bars was very small and
inadequate to develop the yield strength of the bar. If the straight bars in specimen A had to
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develop a large portion of their capacity, bond distress would have been observed as for specimen
B. This discrepancy between the assumed force and observed behavior can partially be explained
by considering tension in the concrete. Also, the strut and tic model only considers the action of
the tied arch to carry loads. However, other shear carrying mechanisms carry load, so the strut and
tie model will overestimate the required steel in the top layer.

For strut and tie Models 1 and 2, the analyses considered the effect of compression in the
column steel. The inclusion of the steel increased the angle of strut inclination, enlarging the
predicted capacity of the pier. Since no strain gages were located on the column steel, the
magnitude of C, assumed was very arbitrary. Still, the inclusion of compression steel in the strut
and tie model reflects the behavior of the specimen and increased the strut and tie model accuracy.
However, the effect of compression steel has not been considered in the general strut and tie theory
at this point. One of the problems of using compression steel is an inability to check the stress at
a CCC node. Because the strut and tie theory has not yet developed procedures for considering
compression steel, the effect of compression steel was ignored in the design example.

While the strut and tie model results give conservative estimates of the specimen strength,
either model predicted strength much more accurately than a conventional analysis. To increase
the strength predicted by a strut and tie model, a concrete shear strength term may be added to the
strut and tie capacity. The average ratios of
the theoretical load to tested specimen capacity Table 48 Comparison of Average Ratio of
for all design methods are summarized in Theory/Test Capacity for Different
Table 4.8. Additionally, all strengths predicted Design Methods
by the strut and tie models that met limit

. . . Average Ratio of Pier A Pier C
stresses in the main strut and tie were Theoretical Capacity

conservative. The author feels that Model 1 is to Tested Strength

a better model for design than Model 2. Strut and Tie Model 1.05 0.73
Model 2 dS N £ in th lPlusaVcTerm
o

e ends up assuming forces in the T — —
horizontal stirrups that were not verified by Model 1 .
strain gages. Additionally, Model 2 does not Strut and Tie 0385 0.67
consider transverse tensile strains in the main Model 2

1 Analysi X 1
compression struts. Thus, Model 1 is used in Corbe ys1S 0.38 0.18
Deep Beam 024 032

the design example. Analysis
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49 DESIGN EXAMPLE USING STRUT AND TIE MODEL 1

A design example using the strut and tie method for a typical pier cap geometry is
presented. Strut and tie Model 1 is used, with the calculations presented identical to those used to
analyze the scale specimens. For the design example, the benefit of compression steel in the
column was not considered as explained previously. The example is based on ultimate strength
design, which is the accepted procedure for use with the strut and tie method. For ultimate strength
design, the criteria for specimen nominal strength is shown in Equation 4.13.

$P =P, _
P, = factored load 413)
P_ = nominal strength
@ = strength reduction factor

PROBLEM STATEMENT
L1=12-0"

Determine the base plate size and

pier cap reinforcing for the pier cap / :w \Em -d O
geometry shown in Figure 4.22 using the \ J
strut and tie model shown in Figure 4.23. PLAN VIEW OF PIER CAP

P

b4
LOAD, DIMENSIONS, AND MATERIALS —— —
P = 1,200 kips, a service load

h=4-0
L1 = 12"
L2 = 120"
13 = 86" Av L A L vA
- L2=12'-0" -
Bl = 4-0"
PROFILE VIEW OF PIER CAP
B2 = 3-6" _
h = 40" 13=8-6"
£’ = 3,600 psi
B2=3-6"

f, = 60 ksi
cover = 21/4 SECTION A-A

The given load is a service load, so this must .
Figure 422 Pier Cap Geometry for the

be transformed to a factored load. A load Example Problem



factor of 1.6 was used since individual load

components were not known.
P, = (load factor)P = 1.6*1,200

=

P, = 1,920 kips 5 A~notet1| —sTRUT
—TIE
h G/ TOTAL COMPRESSION
SIZE THE BASE PLATES N LOAD IN STRUT IS C1
5
Base plates are sized using the 1992 €2\ /" “node 3 B=00-8
.. . 2 A~
AASHTO provisions, section 8.16.7. < node 2 |~
P, = 1,920 kips cs c2 7
@ = 0.7 for bearing C%
P, = nominal bearing strength v ZTZ
P, required = P_/® = 2,743 kips c
C1=2*C3
P, = 085 £’ A,(A,/A)>
» 1(A/A) BOTTLENECK DETAIL
where
A, = base plate area Figure 423 Strut and Tie Model for the
Example Problem

A, = surrounding area of concrete, taken as
the area of a circle with a 4-0" diameter = 1,810 in®
Try a base plate with w = 25"
so P, = 0.85*3.6*625*(1810/625)*° = P, = 3,250 kips > P, required

Obviously, a smaller base plate could be used. However, too small a plate will not
adequately distribute load across the full pier cap width. For tested specimens, the ratio of base
plate size to strut width (w/B) was 0.6 (8.75"/14.5"). Using a 25 inch base plate gives a ratio of
plate width to strut width w/B = 0.6 (25"/42") to conform with the tested specimens. The strut
width is chosen as the column width, 42", which is smaller than the pier cap width, 48". The column
width is used for the w/B ratio as the smaller width will control strut widths.

SIZE C5 AND FIND THE LOCATION OF ITS RESULTANT

To find forces in the struts and ties, the angle of inclination, 6, is needed. Since C5 = P,
the centroid of C5 can be found knowing the applied load. The inclination angle, 8, can then be
determined based on the location of the centroid of C5. To find the required P, for the pier cap,
a @ factor is needed. One P factor is used for the entire pier cap design, instead of different @
factors for the different elements of the strut and tie model. Since the strut and tie method is



KNOWING 6, CHECK T1 AND ASSUMED d

T1 = P,/tan 6 = 2,130/tan 72.8 = 659 kips

AT1 = area of steel for T1 = T1/f, = 11.0 in?
use 8 #11 bars, with As = 12.48 in®

= this implies that 2 layers of steel will be needed

RECALCULATE § USING TWO LAYERS

OF STEEL FOR T1

for 2 layers of steel, use clear spacing of 2d, = 2.82"
for a #11 bar

d = h - cover - d, - clear spacing/2 = 42.9"

so new 6 = 0.5 asin [2x_/d] = 71.8

Check T1 using the new 6

T1 = P,/tan 6 = 2,130/tan 71.8 = 700 kips

AT1 = T1/f, = 11.7 in® < 12.48 in® provided, OK

FIND ALL MEMBER FORCES
Compute the diffusion angle:

® = 12 + 3/[(w/h)*] = 162°
P, = 2,130 kips

T1 = 700 kips

¢ =718

Cl = P, /sinf = 2,242 kips

C2 = 05 C1/cos ® = 1,167 kips
C3 = C1/2 = 1,121 kips

C4 = T1 = 700 kips

C5 = P, = 2,130 kips

T2 = 0.5 C1 tan & = 326 kips
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i
= N
T1 \node 1
d
0
node 2—__ 0
0 Y
>
x°g

Figure 425 Location of Node 2 in the
Strut and Tie Model

T2, ., = T2 sin 6 = 310 kips = horizontal component of T2
T2, = T2 cos 8 = 101 kips = vertical component of T2
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conservative, and its strength predictions for the tested piers were conservative, ® was chosen as
0.9.

P, = 1,920 kips

® =09

P, = P,/® = 2,130 kips = required pier cap strength

Knowing P,, the centroid of C5 can be found because C5 = P,.

f, = concrete design strength = uf, for all struts in the

model

where v = 0.8 from section 4.4.4.2 B2=3-6<

f, = uf) = 2.88 ksi

ACS5 = area of strut C5 = C5/f, = 740 in’ ?
Consider the total area of strut CS as two pieces, Al and Xf;;—
A2, as shown in Figure 4.24 wC5
ACS = Al + A2 COLUMN CROSS SECTION

Al = 693 in® so strut C5 must extend into the .
Figure 424 Cross Section of
rectangular section of the column Strut C5

A2 = AC5 - AC1 = 47 in®

z=A2/B2=11in

wCS = z + B2/2 = 22.1" = the width of strut C5.

The centroid of AC35 is then found,

x, = 127

FIND THE INCLINATION ANGLE OF THE BOTTLE STRUT, §

The location of node 2 is the intersection of struts C1, C4, and CS, and is defined by x,
and 6, the angle of inclination, as shown in Figure 4.25. The inclination angle,
8, can be found knowing the centroid of strut CS5, x_, and the depth of reinforcing, d.

d = h - cover - d,/2

Assuming a #11 bar in the top layer, d, = 1.41"
sod = 48-225-141/2 = 450

6 = 0.5 asin [2x,/d] = 72.8°
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CHECK STRESS AT THE CCC NODE, NODE 2
The layout of the CCC node is shown in
Figure 4.26. AC1 is the area of compression

strut C1 at this node. Since ACS is a
combination of a circular and a rectangular
section, AC1 is found by projecting from

ACs.

AC1 = AC5/sinf = 740/sin 71.8 = 779 in® K
/_ / wC4] C4—><
wC4 = the width of strut C4
0.5 wC4 = c/tan 6 = 3.09" S
: 104 Xcg
wC4 = 618" A
o 0 T~ AC5
The column width is used to find AC4 as the Cs
column width limits the strut width.
AC4 = B2 wC4 = 260 in® wC5
oC5 = the stress on strut C5 = C5/ACS Figure 426 Geometry of the CCC Node
oC5 = 288 ksi = f;, OK (Node 2 in the Strut and Tie Model)

oCl = C1/AC1 = 288 ksi = f;, OK
oC4 = C4/AC4 = 267 ksi < £, OK

All strut stresses at the node are less than or equal to the limiting concrete design stress,
but a hydrostatic state of stress does not exist as all three stresses are not equal. Since the stress
at the node is not hydrostatic, the checks suggested by Schlaich (1987) are used:

1. All strut stresses at the node are within design limits.

2. The smallest stress ratio between faces of the node is greater than 0.5.

Check: 2.67/2.88 = 093 >0.5 OK.

Since both checks are met, this node is satisfactory.

DESIGN STEEL FOR T1 AND THE COMPQONENTS OF T2

T1 = 700 kips

AT1 = T1/f, = 11.67 in® = area of steel required for T1

For T1, use 5 #11 bars and 4 #10 bars, As = 12.88 in®

The layout of T1 steel at the top of the cap is shown in Figure 4.27.
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BASE PLATES
25" X 25" e
LAYER 1e__ r__Z_I CLEAR SPACING =28
LAYER 2
I? EQUAL SPACES
" . s \‘\
baré D 2@4] barsE
#9 #7
ke e N
2=12-0° >
PROFILE VIEW OF PIER CAP
BARS y AND A2 I BAR B 2-1/4" COVER
C Y 4 EQUAL SPACES
T
“BARS E

BARS A1 AND A2 MADE CONTINUQUS BY A WELDED SPLICE

LAYER 1 - BARS A1, A2 AND B #11

BARS C1 AND C2
2-1/4" COVER

C ) BAR SPACING IDENTICAL
TO LAYER 1

BARS C1AND C2 MADE CONTINUOUS BY A WELDED SPLICE
LAYER 2 - BARS C1 AND C2#10

Figure 427 Steel Reinforcing Pattern from the Example Problem

For the components of T2, horizontal and vertical stirrups are used. Since there are two
ties T2 in the bottle strut, steel must be provided to resist 2*T2. Since steel will be distributed on
each face of the pier, the steel required for T2 is provided on each face of the pier cap.

T2, = 310 kips
AT2, .. = T2, /f = 5.17 in’ on one face of the cap
for T2, ., use 6 #9 bars, As = 6.0 in’



73

The horizontal stirrups for T2 are evenly spaced across the depth of the pier cap as shown in Figure
4.27.

T2, = 101 kips

AT2,, = T2, /f, = 1.68 in’ on one face of the cap

for T2, use 3 #7 bars, As = 1.8 in’

The vertical stirrups for T2 are spaced across the width of the compression strut as shown in Figure
4.27.

CHECK STRESSES AT THE CCT NODE
The geometry of the CCT node,

node 1, is shown in Figure 4.28. Since the W = 25"

bearing stress is within its limit and T1 can >

P =2,130%

be provided, only the stress in C1 needs to #11 bars
be checked.
To compute the area of C1 at this <T1

wT1
node the column width, B2, is used as the
strut width instead of the pier cap width, B1. #10 bars
The smaller width is used because loads

from the base plate can only be distributed

6=708

over a limited concrete area.
WI1 = dyyy + dyo + 5 = 141 + 127 +
2.82 = 55"

wCl = wsin § + wIlcosf = 25.5" :
Figure 428 Geometry of the CCT Node-

C1 = 2,242 kips (Node 1 in the Strut and Tie Model)
AC1 = B2 wCl = 1,071 in?
oCl1 = C1/AC1 = 209 ksi < £, OK

CHECK STRESSES IN C2, C3, AND NODE 3

Since the stress in C1 has been checked at both nodes 1 and 2 and is satisfactory there,
both 0C2 and oC3 will meet allowable stresses. The stresses at the nodes are most critical, because
the area at the nodes is smallest. For struts C2 and C3 the load can distribute over a larger area,
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reducing stress. Using a similar argument, nodes 3 do not need to be checked. Also, node 3 does
not need to be checked as T2 is spread over several stirrups.

CHECK ANCHORAGE REQUIREMENTS FOR T1 TIE

At the CCT node, the strut and tic method requires the full tensile strength of the bars to
be provided. The development length is calculated using the 1992 AASHTO provisions, section
8.25.

l, = {AB..}]; = the development length of a bar
A, B are multipliers based on rebar placement

lp = 0.4 A, £ /(£)* = 624"

A = 1.4 = multiplier for top bars

B = 0.8 = multiplier for large lateral spacing

L, =ABl, = 70"

Since the development length is extremely large, straight bars can not be used to provide
the full strength of T1. Therefore, continuous loops are used to provide anchorage as shown in
Figure 4.27. The AASHTO provisions do not specify a development length for a full U, so the 1992
AASHTO provisions for a standard 180° hook, section 8.28, are examined.

1, = {AB ..} 1, = development length of the hook

L, = 1,200 d,/(£)"* = 282"

A = 0.7 = multiplier for cover

L, =Al, =200

This length can be provided under the base plate, so the development of the U hoops is considered
adequate.

The area of steel that can be developed at the CCT node is thus the full strength of the
U shaped hdops, and the developed strength of the straight bar. As suggested by Bergmeister
(1990), the development length begins at the edge of the base plate.

AT1 = 4 A#11 + 4 A#10 + A#1L (4 provises/ s senitac)

Ly povisea = 20" based on the bar layout shown in Figure 4.27.

AT1 = 4(1.56) + 4(127) + 1.56(20/70) = 11.77 in® > 11.67 in® reqd.
Thus, tie T1 can provide the full capacity needed at the CCT node.
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SUMMARY OF THE EXAMPLE PROBLEM

The reinforcing design for the example problem pier cap is shown in Figure 4.27. Using
the strut and tie method, steel reinforcing for the pier cap can readily be designed. The main
considerations in the strut and tie analysis shown were checks of the nodes, selection of
reinforcement, and anchorage of reinforcing. Since the column width is less than the pier cap width,
the column width was used to limit strut widths. Also, the base plate width is kept larger than
required to allow distribution of loads across the pier. The tested specimens had a ratio of base
plate width to strut width of 0.60, so this ratio was used for the full size pier. The calculations in
the design example are lengthy, so a simplified procedure to predict the pier cap strength will be
developed in future research.

410 COMPARISON OF EXAMPLE PROBLEM REINFORCING STEEL TO A TYPICAL
TxDOT DETAIL

The amount of reinforcing required for the strut and tie design example is much greater
than that typically used by TXDOT. For the given geometry, a pattern of reinforcing often used by
TxDOT is shown in Figure 4.29. The TxDOT steel detail has only one layer of #11 bars in the top
of the pier cap for the main tension tie, T1, as opposed to two layers in the strut and tie design -
#11 and #10 bars. Also, the TXDOT detail uses 3 layers of #6 bars for the horizontal stirrups as
opposed to 6 layers of #9 bars for the strut and tie design.

To judge whether the difference in the two steel reinforcing details represents an
understrength of the TXDOT design or the conservatism of the strut and tie method, a strut and tie
analysis was made of the typical TXDOT design shown in Figure 4.29. The analysis used no
compression steel, the full yield capacity of the of the bars in the top layer of the pier cap, and the
column width as the strut width (the same parameters used for analysis 1-1 of Table 4.3). Using
these parameters the strut and tie analysis predicts a capacity of the TXDOT design as P, = 1,747
kips which was less than the P, = 2,130 kips used in the strut and tie design. Member forces and
the inclination angle from the strut and tie analysis are shown in Table 4.9. However, for the strut
and tie analysis of the tested specimens using the same assumptions (no C, and full f), the average
tested specimen capacity was 27% greater than the strength from the strut and tie analysis (395/311
= 1.27). Thus, the true average capacity of the full size detail is probably closer to 1.27*1,747 =
2,220 kips. If the minimum tested strength for test specimen A is used, the tested pier capacity is
only 18% larger than that predicted by the strut and tie analysis (365/311). Thus, the least capacity
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12@1-0"=12-0"

< —
A£ ;A
4 EQUAL SPACES
bars E
birss D #5 bars F
" #6
PROFILE VIEW OF PIER CAP
bar A #11 bars B #11
2-1/4" COVER
1 ~\
( ) 4 EQUAL SPACES
\ >/

bars E
BAR A1 MADE CONTINUOUS BY A WELDED SPLICE

SECTION A-A - BARS A AND B #11

Figure 429 Typical Steel Reinforcing Pattern Used by TxDOT

of the full size pier is likely 1.18*1,747 = 2,070 kips which is slightly less than the required design
strength P, = 2,130 kips. This indicates that existing piers may have a factor of safety less than
expected for bearing loads.

The above strut and tie analysis of a full size pier, and extrapolation of analysis results
based on tested scale specimen capacity may be slightly inaccurate because there are several
differences between the test specimens and full size piers. For the tested specimens, f; = 4,000 psi
as compared to 3,600 psi for thé full size piers. The different concrete strength will change the
concrete tensile strength, which may result in a different strut inclination. A different strut
inclination will change the contribution to the pier cap strength of other shear carrying mechanisms
such as aggregate interlock. The different concrete strength will also affect the development length
of the reinforcing. For a larger concrete strength, the required anchorage length is smaller. Finally,

for the scale specimens, the column width was the same as the pier cap width. For the full size pier



caps, the column width is less than the pier cap
width. This reduced column size will increase
the concentration of stress on the end of the
column, resulting in earlier spalling.

A determination of the adequacy of
existing full size pier caps is difficult, and can
only be made on a case by case basis
considering both the load and geometry. Asa
further conmsideration of the adequacy of
current designs, the performance of existing
piers can be considered. To the authors
knowledge, details as shown in Figure 4.28
have performed adequately. However, it is
difficult to quantify the loads that existing piers
have actually sustained. The calculated bearing
loads are typically conservative, so the smaller
magnitude of true bearing loads must be

considered if the performance of existing pier
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Table 4.9 Strut and Tie Capacity and Member
Forces for a Typical TXxDOT Steel Detail

(Figure 4.29)
Strut and tie analysis of existing TXDOT
detail
Capacity, P 1,747
61 750
Compression 0
in Steel

T1 468
T2 horizontal 249
T2 vertical 66.7
Forces C1 1,808
(kips) 2 940
C3 904
C4 468
C5 1,747
Centroid 111"

caps is to be projected to new designs. Improved analysis techniques to more accurately calculate
bearing loads are currently being developed in a related study concerning the behavior of the steel

bent to pier cap connection.

To give criteria for evaluating the adequacy of pier caps from field inspections, cracking

patterns on test specimens A at a service level are considered. For the A series specimens, the
average service load is 395 kips/1.6 = 245 kips. At this service load, flexure/shear cracks extended

about half way across the depth of the pier cap. Under a service load, cracks on full size piers

should have a maximum size of 0.016" based on crack sizes observed on the scale specimens. Signs

of concrete distress on the pier cap that would indicate overloads on the bridge or pier cap

imadequacy are:

1 Significant crushing at the pier/cap column interface. If spalling of the concrete
occurs, the pier cap has seen severe loadings.
2. Splitting cracks on the top of the pier indicating bond failure for the straight bars

in the top layer of the pier cap.



78

3. Maximum crack openings on the pier significantly larger than 1/16".
4, Cracks extending across the full depth of the pier cap that have a significant width
for the full length.

If any of the patterns of concrete distress listed above are observed, rebabilitation of the pier cap
may be desirable.

Because there is some uncertainty as to the adequacy of the current steel reinforcing
pattern, the strut and tie method is suggested for future designs. The strut and tie method is
superior to conventional design techniques that could be used for the pier cap. The strut and tie
method allows a logical design of reinforcing, and is a conservative design technique. To improve
the efficiency of the strut and tie method, further research should be conducted into the addition
of a concrete shear strength term to the strut and tie capacity.



CHAPTER §
SUMMARY AND CONCLUSIONS

5.1 OBJECTIVES AND SCOFPE

The objective of this rescarch was to determine the strength and behavior of typical TXDOT
bridge pier caps under compression loads. The pier caps typically used by TXDOT have a geometry
whose design and behavior is not explicitly covered in current code procedures. Since no formal
design procedure currently exists for determining the required amount and distribution of
reinforcing steel in a pier cap, this research also had the purpose of providing design guidelines for
the pier cap. To investigate the behavior of the pier caps, six test specimens were constructed at
a 30% scale. Five different reinforcing steel patterns were used in the six specimens to examine the

contributions of different reinforcing types to the pier cap strength.

52 OBSERVED BEHAVIOR

Eleven static load tests were conducted to failure on the six pier caps. For all specimens,
load on the pier cap was primarily carried by the action of a tied arch which transferred load from
the basc plates into the column. Concrete distress associated with the arch action included
flexural/shear and shear cracks on the faces of the pier cap which limited the size of the
compression arch. Additionally, flexural cracks were seen on the top of the pier cap indicating a
state of pure tension there. As load was applied to a specimen, flexure, flexure/shear, and shear
cracks formed. As loading continued, crushing was eventually observed at the pier cap/column
interface. The crushing at the interface limited the area at the base of the arch, so the compression
arch had to rotate further into the interior of the pier for the specimen to carry additional load.
The new orientation of the arch required additional tension in the reinforcement at the top layer
of the pier cap to maintain equilibrium. Thus, if a specimen had sufficient reinforcement in the top
layer of the pier cap, additional load could be carried. However, if the development of tension force
was limited, failure of the pier cap coincided with the initiation of crushing at the cap/column
juncture. Overall, specimens that had a greater quantity of horizontal reinforcing steel and adequate
development of horizontal reinforcing had a greater capacity.

To investigate the necessity of the continuous steel loop around the perimeter of the pier

cap (bar T) a specimen was constructed with only straight bars in the top layer of the pier cap.
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Three problems arose when the continuous loop was not included in the top layer of the pier cap
reinforcement:

1 Shear cracks on the face of the pier opened extremely wide because there was no
reinforcement at the top of the pier to limit their growth.

2. Bond distress was seen for the straight bars in the top layer of the pier cap. The
removal of the continuous loop left only straight bar anchorage as a means of
developing the required force in the steel. Since development lengths for the
straight bars were extremely short, the tension force at the top of the pier was
limited, reducing the pier cap strength.

3. The base plate punched further into the top of the pier. Without the continuous
loop, concrete at the end of the pier cap was not confined and additional punching
could occur.

Punching of the base plates into the top of the pier cap was seen to some extent for all
specimens. However, punching of the base plates was not the cause of failure because most of the
punching occurred after the failure load had been reached. The bearing capacity of the pier cap
was reduced by the formation of a flexural crack at the interior edge of the base plate. The
formation of the flexural crack removed the confinement provided by the concrete in the interior
of the pier. Bearing capacity of the pier cap was increased by the confinement provided by the

continuous loop around the end of the pier cap.

53 COMPARISON OF DESIGN METHODS

Three design methods were used to analyze the strength of the pier caps tested:

1. AASHTO (1992) Corbel Provisions.

2. ACI 318-89 Deep Beam Provisions.

3. Strut and Tie Method.
The corbel and deep beam provisions were entirely inadequate to predict the capacity of the pier
cap because they only consider concrete capacity in shear. Testing showed that the pier cap resisted
loads through a tied arch, which is a much stronger load carrying mechanism than concrete in shear.
The strut and tie models used were much more accurate than conventional design methods in
predicting the capacity of the pier caps because they model the compression arch action observed
during testing. The strut and tie method is suggested for design because strut and tic analyses gave

the best correlation with test results, modelled true behavior, and were conservative. The strut and
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tie method allows a logical design of reinforcing steel for a given load and specimen geometry, and
is a conservative design method. To detail the use of the strut and tie method, a design example
using a proposed strut and tie model was presented. Since the design calculations are lengthy, a
simplified procedure to predict the pier cap strength should be developed. Also, recommendations
for evaluating existing pier caps through field inspection are given.

5.4 AREAS FOR ADDITIONAL RESEARCH

Several possible areas of further research were identified during this study. The strut and
tie models presented predicted strengths that were 20 to 50 percent less than the tested specimen
capacities. Closer correlation to the tested pier cap strength was achieved by adding a concrete
shear strength term to the strength predicted by the strut and tie model. Additional research should
be conducted to refine the strut and tie model by adding a concrete shear strength term. Second,
development of the strut and tie theory to allow consideration of compression steel is desirable.
Consideration of compression steel would more accurately model specimen behavior, and would
improve the accuracy and efficiency of strut and tie designs. Third, the development length required
for U shaped, continuous stirrups is not detailed in any code provisions. The U shape allows much
shorter anchorage lengths than straight bars. The continuous U stirrup will behave differently than
a standard 180° hook as both ends of the continuous stirrup are being loaded. Finally, further study
to determine the bearing capacity of the concrete at the top of the pier cap is desired because
bearing capacity is limiting the design of the connection between the pier cap and steel bent. Since
there is substantial reinforcement in the top layer of the pier cap, increased bearing capacity of the

concrete is expected.



APPENDIX A
TENSILE TESTS OF REBAR

The tensile tests on the bars were performed using a loading controlled test machine. Load
was controlled using a plot of load against strain, with the strain measured using a Satec Systems
Model T-6M Extensometer with an eight inch gage length. An example graph of the rebar loading
process is shown in Figure A.1. Bars were loaded at a constant rate up to the yield point of the
bars. The initial rate of load application was approximately 2,000 pounds per minute for the #3
bars, and about 10,000 pounds per minute for the #6 bars. After the bars yielded, a plastic
deformation of approximately twice the yield strain was applied. The test machine was then turned
off, allowing the rebar to unload. After five minutes, the stress in the bar was recorded as the static
yield stress, f,. The bars were loaded two more times, applying a plastic strain of approximately
twice the yield strain with each load step. The average static yield strain for the bar was the average
of the three static yield points, f,,, f,, and f,;. For each lot of bars, two different tensile tests were

un.

1128"\1, 28 28
< 0 1€ q
M L[fyz
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Figure A.1 Typical Stress - Strain Curve for a Tensile Test of Rebar
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APPENDIX B
LOAD - DISPLACEMENT GRAPHS

This appendix contains plots of load versus displacement on linear pots 1 through 4 for all
tests. The layout of the linear pots is shown in Figure B.1. Load is the resultant load at the tested
end of the pier cap, and is a static load reading. Deflections have been shifted as explained in
Chapter 3 to remove the scatter in deflections under small loads (loads less than 50 kips). The

unloading curve for the specimens is not included.

c7nter of load head

3.
1and2- dz 5and 6
4 . .
line of action
of load 5
1§ il\ 7
3and 4
A il
) 6

Figure B.1 Location of Linear Pots
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Figure B2 Resultant Load vs. Deflection at Linear Pots 1 through 4 for Pier Al-1
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Figure B3 Resultant Load vs. Deflection at Linear Pots 1 through 4 for Pier A2-2
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Figure B4 Resultant Load vs. Deflection at Linear Pots 1 through 4 for Pier A2-3
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Figure B.7 Resultant Load vs. Deflection at Linear Pots 1 through 4 for Pier C-1
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Figure B8 Resultant Load vs. Deflection at Linear Pots 1 through 4 for Pier C-2
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Figure B9 Resultant Load vs. Deflection at Linear Pots 1 through 4 for Pier D-1
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Figure B.10 Resultant Load vs. Deflection at Linear Pots 1 through 4 for Pier D-2
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Figure B.11 Resultant Load vs. Deflection at Linear Pots 1 through 4 for Pier E-1
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Figure B.12 Resultant Load vs. Deflection at Linear Pots 1 through 4 for Pier E-2



APPENDIX C
PHOTOS OF THE FAILED SPECIMENS

This appendix contains photos of the specimens after failure. Photos show the distribution
of cracking on both faces of a specimen, crushing at the cap/column interface, and punching of the
base plates. Numbers marked on the specimen are the total load in kips applied to the spreader
beam, and mnot the resultant load at the tested end of the pier cap. The load marked on the
specimen is placed at the point where a crack had propagated at that point. Loads marked on the
specimens are slightly larger than the static load, as the static load was not reached until crack
mapping had been completed. Thus, the loads marked on the specimen are approximately 5 to 10
kips larger than the total static load applied to the spreader beam.
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Figure C.1 Damage to Pier Al-1 After Failure



Figure C2 Damage to Pier A2-2 After Failure



Figure C3

Damage to Pier A2-3 After Failure
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Figure C.4 Damage to Pier B-1 After Failure
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Figure C.6 Damage to Pier C-1 After Failure



After Failure
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Figure C8 Damage to Pier D-1 After Failure



Figure C9 Damage to Pier D-2 After Failure
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Figure C.10 Damage to Pier E-1 After Failure
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Figure C.11 Damage to Pier E-2 After Failure



APPENDIX D
LOAD- STRAIN GRAPHS

This appendix contains plots of resultant load versus strain for tests on Specimens C and
D. The strain gages are located in the top layer of the pier cap on #3 bars as shown in Figure D1.
For tests Pier C1 and D1, the strain gages are at the tested end of the specimen, while for tests Pier
C2 and D2 the gages are on the end of the specimen subject the smaller load. The unloading curve
for the strain gages is included to show the final strain in the bars. For both specimens, the yield
strain, 1630 microstrains, is calculated as the experimentally obtained yield stress divided by the
modulus of elasticity (47.4 ksi/ 29,000 ksi).
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~ Figure D1 Location of Strain Gages
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